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ABSTRACT

KAOSHAN DAI. Dynamic performance of transmission pole structures undeimglas
induced ground vibration. (Under the direction of DR. SHEN-EN CHEN)

Structural integrity of electric transmission poles is cruiciathe reliability of power
delivery. In some areas where blasting is used for mining otraatien, these structures
are endangered if they are located close to blasting sites.

Through field study, numerical simulation and theoretical analykis research
investigates blast induced ground vibration and its effects on salgenformance of
the transmission poles. It mainly involves: (1) Blast induced ground omoti
characterization; (2) Determination of modal behavior of transomisgoles; (3)
Investigation of dynamic responses of transmission poles underitdagted ground
excitations; (4) Establishment of a reasonable blast limitpde structures; and (5)
Development of heath monitoring strategies for the electric transmissuctures.

The main technical contributions of this research include: (1) dexelsipe specific
spectra of blast induced ground vibration based on field measuremen{2jattudied
modal behavior of pole structures systematically; (3) proposeplied but relatively
accurate finite element (FE) models that consider the steicable coupling; (4)
obtained dynamic responses of transmission pole structures unsgiecdulsed ground
vibration both by spectrum and time-history analysis; (5) esteduli® in/s PPV blast
limit for transmission pole structures; (6) developed two NBdhmiques for quality
control of direct embedment foundations; and (7) described an idea afiotibbased

health monitoring strategy for electric transmission structures sttoehy.
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CHAPTER 1: INTRODUCTION

1.1 Problem outline and motivation

Electric transmission structures are unique civil structured tassupport conductors
and shield wires of a transmission line. They are either lattice type atypelstructures.
Transmission poles can be wood, steel or concrete. Prestresseztepate and tubular
steel pole structures are commonly used in the power industry nduelyto their
construction efficiency.

In areas where blasting is used for mining or construction, thesentission
structures are endangered if they are located too close tblabiéng operation sites
(Figure 1.1). Structural integrity of these poles is critimalthe reliability of power
supply. Common practice in the power industry is to limit ground motyosplecifying
maximum peak particle velocity. So far, there is a lack of ingwsgitle recognized
guidelines on how the blast limits should be set for the transmig®mile structures.
Some empirical criteria employed by power company engineeblasting consultants
are borrowed from the observation results of residential strucamagks and human
annoyance (i.e. blast peak particle velocity not exceeding R Wisle these limits may
yield prudent protection for these low-rise houses, whether theli@redsonable option

for these non-residential structures is a question.



2
With increased requests for possible relaxation of current lohais$ near electric

transmission structures in order to cut costs and increase @oialgnproduction, a
research project was conducted to study the dynamic responsesefstructures under
blasting effects.

In this research phase, the focus is placed on transmission polesttypaires.
Through field monitoring and numerical simulation, this researcmptteto address the
following questions:

(1) What are the characteristics of blast induced ground vibration?

(2) What are the dynamic behaviors of typical transmission pole structures?

(3) What are structural responses of the transmission poles undembiast¢d ground
excitations?

(4) What are necessary recommendations for setting a blast limit?

(5) What are possible health monitoring strategies for protectingrigsion structures
during severe loading?

The answers to these questions become the basis leading to ahmmwe blast
design guideline for transmission structures. They benefit bothngniahd power
industries.

1.2 Objectives and scope

Through field study, numerical simulation and theoretical analykis, study is
mainly to investigate medium to high frequency blast induced groundtigibrand its
effects on structural integrity of the transmission polesufeidl.1). The author also

intends to provide readers with some information regarding possibletiwatstrategies
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for power transmission structures by exploring relevant healthtanmy techniques.

The specific objectives to be accomplished in this study include:
(1) Characterize blast induced ground vibration at specific sites.
(2) Determine modal behavior of typical transmission pole structures.
(3) Obtain dynamic responses of transmission poles under blast induced ground motions.
(4) Investigate structural integrity of transmission pole strestwnder different blasting
levels.
(5) Propose blast limit recommendations for transmission structures.
(6) Explore health monitoring strategies relevant to transmission line pootect
Working towards these objectives, several tasks were performezh wiklude: blast
monitoring in two coal mines and one rock quarry, full-scale maoekting on four
prestressed concrete poles and two tubular steel poles, anstemalyc numerical
computation of pole dynamic responses using the finite element r{fd#)od. The
detailed scope of work is shown in the following:
(1) Literature review
Existing codes and guidelines for transmission structures wstedviewed, which
then was extended to review of publications of dynamic studies ajugatypes of
transmission structures. It was believed that such a detadéelof-the-art literature
review would give more insights toward the proposed topic.
(2) Blast-induced ground motion characterization
A comprehensive field monitoring work was conducted at three miiieg. Blast
induced ground vibration was measured both by traditional seismogeaphsby

innovative wireless triaxial sensing units. Characteristiddasft induced ground motions
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were obtained by analyzing the records both in time and frequencgirknVibration

parameters, like peak particle velocity (PPV), were furtheantified through data
mining. Based on statistical analysis, spectra of blastezhlocal ground motions were
generated for FE analysis.

(3) Determination of modal behaviors of transmission pole structures

Modal behavior of transmission poles, including eigenvalues and eigersyector
represents dynamic characteristics of this unique type oftsteucThe free vibration
results can be used to ensure the validity of FE models of tramemisoles. Natural
frequencies and mode shapes of structural vibration are also alss#otimation for
seismic analysis. Modal characteristics of the transongsoles were obtained by impact
excitation modal tests combined with FE modal analysis. Simpleelattvely accurate
FE models for transmission pole structures were then derived based on motial resul

(4) Investigation of dynamic responses of transmission poles undsr ibtaiced
ground vibration

Both time-history and response spectrum analyses were conducted @énFEali
models with blasting induced ground motions as input excitations. Tget tground
vibration spectra were established from blast monitoring reca#u#e ground vibration
time-history data included both direct measurements and aibyficimodified
acceleration time histories. Structural responses of the polés farm of deformations,
reactions, and stress states, were obtained through FE analysis.

(5) Structural integrity analysis of the transmission poles under blastaws

Designs of transmission pole structures are based on corresparwieg and

guidelines. These design requirements are compared with struepahse results from



5
dynamic analysis. A reasonable blast limit was establisheskdbaon structural

performance analysis. This criterion is the basis of a cdmpsive blast design plan,
which should also include other recommendations such as those of deiiritying
rock issues, which was discussed in a previous study (Conner 2007).

(6) Development of health monitoring strategies for the etediransmission
structures

Pilot work aiming at developing structural inspection as welheath monitoring
strategies for the transmission structures was performei-@&tthe-art nondestructive
technologies as well as health monitoring strategies wereorexipl Multi-discipline
knowledge that is relevant to power transmission structure rélabihcluding
monitoring scheme design, sensing technology, etc. is summarized.
1.3Research significance and original contributions

This research was anticipated to provide a comprehensive integatyation for
both prestressed concrete poles and tubular steel pole structuresblastienduced
ground vibration. It represents the first open publication of study ohl&lséng effects
on electric transmission structures. The blast limit derived ftosresearch can provide
a reference for both mining industry and power industry engineerthé design of a
reasonable blast plan or establishing blast restriction eritédhe knowledge learned
through this study is also a valuable supplement for the futurendesigansmission
poles.

The original contributions of the dissertation as follows:
(1) An innovative ground vibration measurement technique was implementeddn fie

monitoring work. Triaxial wireless sensing units were used tordebtast induced
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ground movements. Acceleration time histories of ground vibratior deectly

obtained using this technology. The remote sensing feature of thelessir
accelerometers meets the safety requirements of blast monitoring.

(2) Site specific spectra of blast induced ground vibration were aieeelbased on field
measured data. Empirical relations were established between edicle
acceleration (PPA), peak particle velocity (PPV), and peak [gariisplacement
(PPS). Response spectrum amplification factors were obtairmegthdata analysis.
Response spectra based on different levels of PPV criteria caseldeas the input
ground excitations in numerical response spectrum analysis.

(3) Modal behavior of transmission pole structures was systemgtstallied. Full-scale
impact modal tests were performed on both prestressed concreteapdi@¢ubular
steel poles. FE modeling of transmission pole structures wasiogditnased on free
vibration behaviors of these poles. Simple but relatively accutataddels that take
structure-cable coupling issue into account were proposed.

(4) Dynamic responses of transmission pole structures under blast induzmexd
vibration were obtained both by spectrum analysis and by tinehiganalysis.
These analytical works yielded structural responses of lmrtbrete and steel poles
under blast induced ground motions. The study provides engineers valuable
information for pole structure design under dynamic loading beyond wirdl loa
considerations.

(5) Although based on site specific blast records, a reasonableifid$ot transmission
pole structures was established. Following the methodology presentied study,

practical blast criteria can be easily established witlstbtiata and structural
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information. It can be easily extended when more experimentdtgese available.

A comprehensive blast design plan for the transmission structnrbecaeveloped
with additional considerations besides the blast limit established in thisatesea
(6) An in-depth review regarding transmission line inspection asasedtructural health
monitoring techniques was performed. This study explored state-afithaulti-
discipline knowledge relevant to power transmission structurebilélya including
monitoring schematic design, nondestructive techniques, sensing teghretingA
conceptual health monitoring strategy was proposed. This is awmlidt that is
expected to lead to a health monitoring system specificallthéopower transmission
line.

1.4 Organization of the dissertation

Figure 1.2 shows the outline of the dissertation organization, whictesernded in
eight key chapters.

In Chapter 2, an in-depth literature review is presented. Existidgs and guidelines
for transmission structures, as well as publications of dynéraits effects on various
types of transmission structures are reviewed.

In Chapter 3, blast field monitoring and resultant records are inedduthe
instrumentation and experimental procedures are described in. ddtadugh data
analysis, blasting induced ground vibrations are characterized. Resgpwwdra used for
FE analysis are developed from blast records.

In Chapter 4, results of modal behavior of transmission poles obtaineglrygsital
modal testing and numerical analysis are presented. FE modelimg tbhAnsmission line

system considering cable coupling issues is discussed. Simphie models for
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transmission pole structures are derived based on studying odyinaenic vibration

behaviors of these poles.

In Chapter 5, spectral analysis of transmission poles is prds&uth the FE models
used in the analysis and spectra developed for different leve?®df are explained.
Structural responses of pole structures at different levelsraafng movements are
obtained.

In Chapter 6, time history analysis results of the transmisgaes are shown.
Original records and modified acceleration time historiesuaesl as ground excitations
in the FE analysis. Dynamic responses of the pole structuresrasgonding levels of
ground excitations are derived.

In Chapter 7, comparisons are made between the pole design mespseand the
structural dynamic behaviors obtained from the spectrum and tin@yhignalyses.
Structural integrity of pole structures under various blasting deielexamined. A
reasonable blast limit is proposed based on the study.

In Chapter 8, in-depth reviews related to transmission line inspeatiowell as
structural health monitoring techniques are performed. A conceptu#h meanitoring
strategy is developed.

In Chapter 9, research results are summarized. Importanindsdas well as
conclusions are presented. Discussions and recommendations extendedefrcurrent

study are also given in this chapter.
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CHAPTER 2: LITERATURE REVIEW

2.1 Transmission structure design

Design of transmission structures is primarily based on cawkguidelines (ANSI
1979; ANSI/ASCE 1991; ASCE 1987; ASCE 1990; ASCE 1991; ASCE/PCI 1997;
ASCE/SEI 2006; Fang et al. 1999; IEEE 1991; RUS 2005; Southern Company 1992;
Southern Company 2006). Prevailing practices use reliabilggédagorocedures by
analyzing the transmission line for weight, wind/ice loading, dfetts either due to
conductors/insulators breaking or due to collapse of an adjacentusgrudthis
dissertation focuses on two specific transmission structure:tppestressed spun-cast
concrete poles (Figure 2.1) and tubular steel poles (Figure 2.2).

Prestressed spun-cast concrete poles are extensively usegpast structures in
power transmission and distribution lines in the southeastern Unitées.STdey are
fabricated by centrifugal casting method. The design of presttesscrete poles is a
complex process that mainly involves considerations of the ultinetarél strength,
cracking strength, shear and torsion capacities, and pole @efle&uckling of a
concrete pole is unusual under normal circumstances (ASCE/PCI 1¥%ide8 normal
design procedures, Kocer and Arora (1996) formulated and solved prestoeserete
transmission pole design as an optimization problem, which provideel @onomical

designs.
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Tubular steel poles can be self-supporting or guyed structursgyrDaf steel pole is

also based on the ultimate strength method using factored designGeamtsal stability
and local buckling are the main design concerns for the pole subjectednpressive
forces. Tension, shear, bending and combined stresses caused pgsadiftipads should
not be beyond specified allowable values (ASCE/SEI 2006).

Typically, transmission structures are not designed for ground vibraticause
loading influences caused by wind/ice combinations and broken wireyusxeeed
earthquake effects (ASCE 1991). However, this may changeeasilaof the increasing
demands on wider transmission line spans — which increase thalityitoat the overall
stability of a single structure (Ghobarah et al. 1996; Li.e2@05). To date, effects on
transmission systems due to ground-induced vibrations, such as blhaatregnot been
addressed by the design codes or guidelines.

2.2 Blasting induced ground vibration
2.2.1 Characteristics of blast induced ground motions

Explosion-generated ground motions can be described by three perpendicular
components: longitudinal, vertical and transverse (Figure 2.3). Tgaudmal vibration
is usually oriented along the explosion radius while the other twpa@oemts are vertical
and transverse to the radial direction. Generally, blasting induathd) motion is
measured in particle vibration time history. The important vibnatiarameters are peak
amplitude, principal frequency and duration. Peak particle veloe®y] and principal
frequency (PF) are the most commonly used parameters to deactypecal blasting
record. PPV was found to be well correlated with structural dasmdBuvall and

Fogelson 1962; Nicholls et al. 1971; Wiss 1968). Ground vibration causedsbyoalds
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is different from earthquakes with its characteristics of higreguencies and shorter

durations (Dowding 1985; Siskind et al. 1980).

Ground vibration characteristics usually depend on parameters str@dnsmission
medium and distance, dynamite charge weight and other blast dmsigiderations
(Conner et al. 2007). Project-specific attenuation relations foungt motion are
geology-sensitive (Dowding 1985). Site investigation is a fundamemtak for
determination of ground motion characteristics under blasting peactihere are three
main types of waves generated by explosions: compressive, sheayréack waves.
Shear and surface waves travel slower than the compressive Wawever, most
blasting is detonated as a series of explosions, which greattyplicates wave-type
identification (Dowding 1985).

Blasting induced ground motions are usually recorded using geophones snoferm
particle velocity, which is believed to be the best single groundomatescriptor
(Siskind et al. 1980). It is related to displacement and accelerhti integration and
differentiation. The recorded ground motion data are valuable fostgtatianalysis of
ground vibration characteristics in terms of response spectra, \@hgcihnecessary for
structural spectrum analysis. For critical structureseeBy-step time history analysis is
preferred. The accelerogram data can be used as direchadxéscitation inputs in
structural time history analysis.

Different methodologies have been utilized to predict blasting indgrednd
motions. Empirical expressions based on the collection of blasadataost commonly

found in publications:
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Dowing (1985) in his book gives equations to predict displacement, paicleity and

acceleration based on cube root scaling relationships derived iietthmfeasurements.
Assuming that charge weight per delay#is distance from blast to structureRs rock

density isp; then peak particle velocity is:

1.46 0.48 0.48
1=072(2) " (%) (“%) (2.1)
Herrell (1996) collected 4,700 data points and plotted the relation bepee&rparticle
velocity and scaled distance. Typical design envelope line proposeditct pnaximum
particle velocity is as the following:

PPV = 10.245 * SD 05682 (2.2)
where PPV is peak patrticle velocity; and SD is scaled distandeis derived from
distance from the explosioh, and energy released from the explosignby SD =
(D/W)™.

Herrell (1996) pointed out that the data used to establish thisorelatay only be
accurate at this specific geologic site where the study was conducted.

By designed explosion experimentation, Hao et al. (2001) investiglatedock joint
effects on blast stress wave propagation. Ground accelerationsclorsurface were
measured and analyzed. The authors gave the attenuation equations baik ¢poped
acceleration (PGA) and for peak particle velocities (PPV).fol&wing is the best fitted

function of PPV paralleling with the rock joint orientation:

—1.359
PPV = 442.48 « (il) 2.3)

w3

in which R is distance between the shot and the measuremeilf andharge per delay.
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Kahriman (2004) proposed an empirical relationship between pea&l@ariocity and

scale distance through statistical evaluation of 73 blast everdaslimestone quarry
located in Istanbul, Turkey. The equation with 95% confidence level is given:below

PPV = 340 (viw)_l'79

(2.4)
whereR is distance between the shot and the station (mpamicharge per delay (kg).

Considering that Fourier analysis cannot provide time durations ofvidasis, Aldas
(2005) used Stockwell transform to study time duration of blastsldseshe amplitude
versus frequency shown in Fourier spectra. The purpose of thig wstasl to help
determine delay intervals in a blast design. The researchsregeri¢ drawn from actual
field measurements.

Ground vibration time history has been successfully generated through FEM
simulation. Wu and Hao (2005) realized that limited studies were elbwvot discuss
differences of blast motions on ground surface and in free field. Uibey a validated
numerical model to simulate motions on ground surface and in frek dalsed by

explosions. Attenuation formulas for PPV, PPA, and PF were obtainedavinaged

empirical attenuation relations for surface ground vibration was proposed as

R —-1.3375
in which
0 0.2872
fi =0121(%) (2.6)
R —-0.6620

and



16

)—0.1768

hy = 3.497 (2 (2.8)

whereR is the distance in meters measured from charge céhisrthe volume of the
chamber in cubic meter arfdis the TNT charge weight in kilograms.

Toraio et al. (2006) developed a FEM model to predict ground vibrations due to
blasting. All the factors that are known to have influence on vibrations werductd in
the model. Randomness factor was also introduced.

The neural network approach was proposed by Khandewal and Singh (2005) in
blasting study, which through training datasets, can predict ground eibweitih various
influencing parameters including rock mass, explosive charactenstiolast design.

From the review of previous work, it can be found that, to date, erapmelations
obtained from blast measurements are still the dominant approach to predictcolesti
ground vibration.

2.2.2 Blast effects on structural integrity

Explosions can generate high air pressure as well as strong grtwation. Hao et
al. (2002) employed the numerical simulation method to study tweyst@inforced
concrete frames with or without infill masonry. Damage indicategee put forward to
define structural damages. It was concluded that infill masofegtatl both the damage
level and the damage pattern of the frames. In this reseaotimagmotion induced by
underground explosion was generated by numerical simulation. Through resompaf
spectra between seismic motions and blast induced ground motionsthbes ahowed
in the paper that the energy of blast caused ground vibration walsulestralong a wide
frequency band. The paper also indicated that structures mighegpaind primarily at

their global modes due to high frequency features in blasting indyroechd vibration.
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Distributed concrete damage induced by high-frequency resporass reported by Ma

et al. (2002). Their research indicated that current design ¢adesl on ground motion
peak particle velocity alone is conservative. In the researcletih (2002) employed a
commercial software AUTODYN to study two-story concratanfes under explosion
induced ground motions and gave the conclusion that damage assesshematerial
level could obtain local failure of components while common earthquadi@esming
methods based on story drift could not effectively describe striclamaages caused by
high-mode vibration.

A lab test was conducted by Lu et al. (2002a) to study strugespbnses of scaled
reinforced concrete frame models under ground shock generated bgcaonegnetic
shaker. The experimental results indicated that, at high frequsast loading, local-
mode response was significant and this prompts the need to investigirial level
damages rather than the overall displacements. Lu et al. (2002b)asasunboth
numerical study and laboratory testing results of the conaateefstructure. Again the
authors noted that local mode resonance could occur when ground vibration was
sufficiently high, rendering the conventional displacement-basestiarihapplicable and
more emphasis on the stress-strain responses were necesseiral.L{2005) employed
the smooth particle hydrodynamics technique combined with the normal FEM tat&mul
responses of a buried concrete structure under subsurface blastoftegred 2D and
3D modeling schemes and found that the maximum acceleration andyweéspionses
took place around the center of the front wall for a side burst soeMé@u et al. (2005)
studied a masonry structure and masonry infilled RC framesighrthe 3D modeling

technique. The research results verified the conclusions thatwstal responses and
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damages to high-frequency blast ground motions were primarily dadibststructural

high vibration modes. A typical blast induced ground vibration and its modifgnals

by scaling amplitude in the form of peak particle velocityeuwesed in the research. Hao

and Wu (2005) studied responses of RC frame structures with nunyesoalilated
underground blast-induced ground motions as the input excitation. The authors again
pointed out that the overall structural response and damage were duighhyd motion
frequency dependent. They noted the importance of local modes imgavdynamic
structural responses when ground motion frequency was high. Wu and dan{@Mao

2005; Hao and Wu 2005) studied influences of simultaneous ground shock and airblast
forces on structural responses. This research found that at csstaditions, ground
motions have great contributions to structural damages.

Equipment foundation responses to ground-transmitted excitations weredsby
Naggar (2003) though four different cases. The author pointed out the inggodfa
vibration-monitoring program for a vibration-sensitive equipment foundatioa.alithor
also found that the widely used half-space model might lead to tweaBen of
damping and underestimation of soil stiffness.

Ma et al. (2004) studied the effect of soil-structure interactioa fofe storey frame
under blast-induced ground excitation in plane. They found that soil stibevedbility to
serve as a low pass filter and would affect top displacenoérasbuilding. It was also
found that increasing base mass would significantly affect thee dbesar and axial force.
They concluded that higher shear wave velodity ¢f the underlying soil was associated

with stiffer soil and had decreasing soil-structure interaction.
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Although studies about blasting effects on electric power transmisguctures are

not found in public literatures, research results from blastingctsffon buildings
indicated special characteristics of structural responses undst ibduced ground
motions as compared to other types of loads.

2.2.3 Current blast regulations

A lot of research has been implemented to establish relationedyetwibration
parameters (displacement, velocity, acceleration and frequandypbserved structural
damages. Most current blast criteria to date are basemidieson effects of residential
buildings.

The most widely known blast limit, 2 in/s peak particle velocityased on a 10-year
study by U.S. Bureau of Mines (Nicholls 1971). The criterion fougd vibrations does
not take frequency into consideration. A further work conducted by Buwédines
developed frequency-based safe limits in RI 8507 (Siskind et al. 1980yeR2.4 is a
typical blast monitoring report based on RI 8507(Nomis 2003).

Office of Surface Mining modified 2 in/s PPV into a regulationhesfollowing: 0.03
in for 1-3.5 Hz, 0.75 in/s for 3.5-12 Hz, 0.01 in for 12-30 Hz, and 2.0 in/30/dr00 Hz.
These criteria considered both displacement and velocity for rgiclge of dominant
frequencies (Svinkin 2003).

Siskind et al. (1980) proposed a distance-dependent set of the PRVinbia 1.25
in/s for distance from 0 to 300 ft, 1.0 in/s for 300 to 5000 ft, and 0.75 inidtances

greater than 5000 ft.
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These blast limits are obtained on the basis of correlation heiweasity of ground

vibrations and damage of low-rise houses. Structural conditions, i.e. how dhe of
structure, are not included in these regulations.

Federal Highway Administration (FLHP 2008) summarized a morepoehensive
recommendation regarding vibration-related engineering problems, asuskettlement,
motions due to blasting, strains due to motions, etc. The typensbss used in the
monitoring work and some application examples were provided in its website.

For power transmission systems, some power companies set tasir daffety
regulations based on previous US Bureau of Mines research resuliswerse
residential structures. For instance, Southern Company requireghthanaximum
ground vibration limit as 2.0 in/s PPV (Chen et al. 2007). There isrswfaystematic
study on blast limits for electric transmission structuresr@r (2007) reviewed existing
blast regulations and developed a qualitative blast plan for tramsmissuctures by
schematically considering many aspects of blast effects. mecessary to develop a
guantitative criterion, which when combined with the all-aspect sdiepansiderations
of Conner’s work (2007), yields a comprehensive blast design guidéinbsth power
company engineers and blast consultants.
2.3Free vibration behaviors of the transmission structure
2.3.1 Modal study in civil engineering

Many applications of structural dynamics rely their succgss having a faithfully
representative model. Modal analysis is an effective technigsystédm identification by
determining inherent dynamic characteristics of a systeis1bised upon the philosophy

that the vibration response of a linear time-invariant (LTIjesyscan be expressed as the
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linear combination of a set of vibration modes. Modal testing is x@erenental

technique to obtain modal data representative of a physical moaeallity.rBased on the
concept that error-free measurements truly represent a séruittermathematical model
can be verified or updated (He and Fu 2001).

Based on the assumption that the ambient vibration is a random wisig staindard
time domain curve-fitting procedures can be applied to the coysslation functions to
estimate resonant frequencies and modal damping of the structuhes way, system
identification can be performed from ambient vibration measuremiéatsar and James
[l (1997) employed this method to study a highway bridge. Resdreguencies and
modal damping were identified.

Full-scale testing of a six-story steel frame building wagormed by Mematri et al.
(1999) using ambient and forced vibration methods. Through the test, thesasitithed
effects of Autoclaved Cellular Concrete (ACC) block infill poh walls on dynamic
properties and stiffness of the building. It was concluded that thé Aght-weight
material could result in larger than expected damping ratiothé fundamental lateral
modes, stiffening effect and minimized building weight, and thezdiad advantages for
the building in seismic regions.

Natural frequency and associated mode shape data were usednetpaestimation
of civil structures. The modal stiffness-based error function weslajged by Sanayei et
al. (1999) and successfully used in capturing complicated foundatioensyasihd

connection behaviors, thereby improving the accuracy of the FE models.



22
Through minimization of eigensolution residuals, the model updating techinageel

on modal analysis was employed to identify material progedfea system, such as
elastic constants of composite materials (Cunha and Piranda 1999).

Optimization problems involved in identification of civil engineeritgistures is the
focus of Teughels (2003). Minimization between the finite element madd
experimental modal data is solved by adjusting unknown model parameters.

Two output-only time-domain system identification methods (the Raridiecnement
Method combined with Ibrahim Time Domain method and the Natural dfxait
Technique combined with Eigensystem Realization Algorithm) werpleyed by
Siringoringo and Fujino (2008) to identify a suspension bridge using atmkaation
response. The results from the study demonstrated that using both metimidsnt
vibration measurement can provide reliable information on dynamraceaistics of the
bridge.

Thus far, system identification based on modal analysis is wajglied to various
civil structures including dams (Loh and Wu 2000), bridges (Ren et al. 200klingsi
(Ivanovic et al. 2000), and structure members (Pavic and Reynolds 2003).

Beyond system identification application and parameter estimatiodalnesting
also supplies information for FE model verification, damage detecstmgctural
optimization design, etc. Brownjohn et al. (2001) described the seyséndlysis-based
FE model updating method and its application to structure condition @Esdss
Although the finite element model updating method has been success$eldly for

condition assessment of bridges, the authors pointed out that the safcappfications
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depended on a well-designed and controlled modal test and an iotegrafnalytical

and experimental arts.

With the idea that the variation of dynamic characteristens be an indicator of
structural health conditions, Rahman (2003) explored different technigueehtifying
linear structures. Three system identification methods, includingidfotransform
approach, discrete-time filter method with Least Squares solverDescrete-time filter
method with Instrumental Variables solver, were studied.

Dynamic experiments were conducted on an all-FRP composite qeadstdge by
Bai and Keller (2008). The influence of the joint types on dynanmhawer of this truss
bridge was studied and it was concluded that the lowest natural issgresulted from
the first lateral mode was 26-28% smaller for the bolted span than for the bonded span.
2.3.2 Vibration of transmission structures

Dynamic behaviors of transmission structures are of concerns wincl loads are
predominant in structural design considerations. Hence, vibrationahctb@astics of
power lines as well as the support structures have been studied extensively.

Simplified numerical procedures were introduced by Ozono et al. (1888udy
characteristics of in-plane free vibration. The tower-conductor eduglstem was
considered in their model. It was found that at higher frequenaiggoup of natural
frequencies of the coupled model was observed close to each negqrednicy of the
same freestanding tower. Ozono et al. (1992) examined the inghfaaenic interaction
between a tower and conductors and explained mechanism of the irfrpanération

of transmission line system. They found that the contribution of a cardtatthe
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dynamic tension force transmitted to a tower was more signifiamong transverse-

wave modes.

To answer the question that how cable oscillation initiates, Vaskltamanian
(1992) investigated the galloping of electric power transmisdimes.l The coupling
between axial modes and torsional modes and its influence on naagaéricies of
cable vibrations were studied through theoretical analysis asasvalmerical modeling.
It was found that the sag-to-span ratio did not have a signifidéadt eon torsional
frequencies although it caused great changes of verticalatiscil frequencies. The
author pointed out that galloping might be initiated in a purely \&rtitvode, purely
torsional mode or a combination of these two. But the torsional modmuwraslikely to
be the initiating mode for transmission line galloping.

Field measurements of transmission line vibration were cordlbbgtdVlomomura et
al. (1997). They collected data of tower vibration under wind in a mawntsiarea. The
vibration characteristics of the tower indicated that conductaisstrang influence on
tower dynamic behaviors. The research results also showed that tegponses, in
forms of acceleration, strain of the tower with conductors, and condectsile forces,
increased in proportion to wind speed and power. The authors concluded that mode
shapes of the tower with conductors in a frequency range ofdr ldss were similar to
the fundamental mode shape of the tower without conductors attached.

Natural frequencies of guyed masts were determined by Maaweguhl. (1998)
through modeling in ABAQUS with both truss elements and beam-columesets. The
natural frequencies from these models agreed closely with agheh The numerical

results were also verified by scaled lattice tower modstst The influence of ice
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accumulation, guy initial tensions and torsion resistors on dynaehaviors of the

guyed tower was discussed. It was found that ice on guyed reasttsrin reduction of
natural frequencies and iced guyed masts were vulnerable to idyward effects. It was
also concluded that the mast height had greatest effect dowhst natural frequency
and an increase in the initial tension of the guys leaded to amas® of its natural
frequencies.

Both theoretical and experimental studies were performed by Rab €004) to
evaluate natural frequencies of the towers. An equation was devdtk lauthors to
predict natural frequencies of the tower. The paper also intrddaiggon-dimensional
parameter to take into account effects of increased transmission tower diefasma

Murtagh et al. (2004) developed simple approximate methods to obtainlnatura
frequencies and mode shapes of tower supporting utilities based padumass models.
The first three natural frequencies yielded by using this metlevd accurate. A further
simplified analysis using the approximate cantilever systentherother hand, could
yield accurately fundamental natural frequency and mode shape dngh wmight be
sufficient to predict the response of a lattice tower in wind.

Post-buckling behaviors and collapse modes of guyed towers under extrache
loading conditions were simulated based on the proposed advanced SpectrahtEl
method and the Computational Fluid Dynamics by Horr et al. (2004). \Fpeation
modes of the guyed tower structures were obtained by usingetheral purpose finite
element program ANSYS. Eigenvalues were found to range from 1.7G 8148 Hz for

the first six global modes.
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Vibration of transmission structures is a complex problem especvahen

considering coupling issues between cables and support structures.isTeerfar little

published research discussing the free vibration of transmissiorstpatéures with the
effects of conductors. Lantrip (1995) and Chen et al. (2006) reporteal tests and FE
analysis on different size concrete poles. Polyzois et al. (1888) the finite element
method to obtain natural frequencies of composite poles. All of thecadiadies were
based on free-free or cantilevered beam models. The relevant istulis research
project is valuable for understanding dynamic behaviors of transmigmles and

therefore improves their structural design.

2.4 Dynamic responses of transmission structures

Forced vibration of electric power transmission structures is otfeeagfain concerns
for structural design considering that large span charaatsristithe transmission lines.
These power grids, mainly composed of conductors and towers/poles, reeakild to
wind or ice loads when they are in cold regions. The complexity dduséhe coupling
between cables and supported structures increases the difficudtyidying dynamic
responses of transmission systems.

Chang (1985) employed the computer simulation to study gallopin@mgnrission
lines and it was found that torsional motion could cause vertioabmfor a sagged and
coupled transmission line. The simulation program developed by the avdakarapable
of handling the complex cable vibration problems.

Loredo-Souza (1996) examined the behavior of transmission lines under wawds
through wind tunnel tests. Theoretical comparison was made betwaent design and

the statistical method proposed by the author. It was found that aaroatydamping
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had a significant effect on dynamic behaviors of cables. Withe@song separation

between cables, correlation and coherence between cable forcasliti The study
also concluded that dynamic responses of transmission structures sivengly
dependent on turbulence intensity and sensitive to design parameters.

Yasui et al. (1999) studied wind-induced power transmission tower igibredupled
with power lines. They found that differences in the way of howptweer transmission
tower supports the power line had an influence on response chatasteli was shown
that peak factors computed from a time series response watergtean those computed
from power spectrum density. For the same support types, the peais facimember
axial forces were greater than those of transverse direction disi@atse

Structural analysis of transmission towers under wind loads werfermed by
Battista et al. (2003) through the finite element method. Fundameatalehcy of the
transmission tower, useful in early design stages, could imeag¢stl by a simplified two
degree-of-freedom analytical model. To reduce the tower top horizaltay-wind
displacements in the cross-line direction, nonlinear pendulum-like dampere
developed.

Transmission lines subject to high intensity wind loads, such as destapwere
studied by Shehata et al. (2005). Through comparisons between sirpetiormance
under downburst winds and normal winds, the authors showed the impodfnce
considering high intensity winds in structural design of transomgsiwers. In numerical
models, three-dimensional linear elastic frame elementswsee to model the members
of the tower while two-dimensional curved beam elements witimgé&ic non-linearity

included were used to model conductors and ground wires.
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Kudzys (2006) adopted probability-based approaches, treating wind astdnoes as

persistent design situations, to reveal effects of thesenexttbmatic events on the time-
dependent safety of power transmission lines. The time-dependenhpeantes of some
structural members were presented in terms of their random safety rmeggiences.

Park et al. (2007) proposed two types of friction-type reinforoegnbers (FRM),
dissipating energy in slotted bolted connections, to enhance wirstiiregperformance
of a transmission tower. The proposed FRMs were verified though cyclic loadisg t

Savory et al. (2008) compared wind-induced foundation loads measured on a
transmission line tower in the field with those calculated usirgjgdecodes. The
comparison indicated that existing design codes provided reliaisférmation of the
local wind effects to tower foundations.

Due to the lack of research in the area of seismic analysraramission lines, El-
Attar (1997) realized the significance of studying the response ofrtisgien lines under
earthquakes in order to evaluate current design codes. Both powearheseel towers
were modeled and seismic responses were calculated and compiaredeveffects of
wind and ice loads. Research results showed that displacennentsternal forces in
transmission lines were substantial under ground vibration and it was sugbastsbte
motion during earthquakes should be included in the design of lineamtes: The
studies also indicated that forces in tower members due to eakdwjmight exceed
those caused by the wind loads.

Transmission towers subjected to spatially incoherent segroind motions were
also described in the same study (Ghobarah et al. 1996). Altfi@und displacement

records were developed and were used in the finite elementiandtiysas found that
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seismic wave propagation velocity had significant effects omalatBsplacements of

transmission lines.

Li et al. (2005) proposed simplified models for transmission tdiwves- that include
tower-line interaction. The validity of simplified models wasmined through shaking-
table experiments on scaled coupled transmission line systerasn@ified analysis
method was proposed for seismic response calculation of the coupledcnductor
system. It was found that the models yielded better resulteuof-plane vibrations
than those under in-plane vibrations.

Scenarios such as broken conductors, insulator rupture, as well asypéerof
dynamic loads play an important role in the transmission line mle$ig enhance the
design, a software, DYNTRN, was developed by Nafie (1997) to analyransmission
line with conductors, support structures, and insulators subjected tcenlifidynamic
loading conditions. The stiffness method was used to calculate deformationscasdrior
transmission line components. Geometric nonlinearities were acdoamtiewere solved
by using the Newton-Raphson method. This program was testedvinalseynamic
loading. Results showed reasonable agreement with experimental works.

Dynamic analysis was performed by McClure and Lapointe (2003) with coatsister
of shock load effects on overhead power lines, caused by conductor riijpeeir@uthors
successfully applied a macroscopic modeling approach to a case wtudiz could
capture salient features of shock load propagation. The approachbeoutstd to study
other loading scenarios, such as sudden ice-shedding effects fromtoonducsudden
failure of other components like towers or suspension stringsgUSINA, Tucker

(2007) studied dynamic effects of broken suspension insulator and multiple tdureisfa
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on power transmission lines. The numerical model for the scenaribrokan insulator

failure was compared with the published full-scale test data. Ncshanalysis of tower
failure was validated through a small-scale test. The studyidem a better
understanding of cascade failure of transmission lines.

Literatures that report dynamics of other structure typesasito power transmission
structures, such as telecommunication towers, have also been revidwesd. research
results provide some insights about electric transmission stegctubjected to blast
induced seismic loads.

Khedr (1998) studied self-supporting lattice telecommunication towsng umodal
superposition method as well as response spectrum technique. Skriegpomse was
obtained and earthquake amplification factors for the base shedaha total vertical
reaction were proposed for design estimation. A simplified stagithod was developed
to estimate member forces in self-supporting lattice towessdan the assumption that:
1) the lowest three flexural modes of vibration were suffictentlescribe structural
responses to horizontal excitations and 2) first axial mode was lertougeflect the
dynamic responses to vertical excitations. The author also egtémelestudy to include
transmission line towers by replacing the cables as equivalasses. However, the
proposed simplification could not include significant tower-cable iotemna that was
often observed.

Seismic performances of guyed telecommunication towers wardiegt by
Meshmesha (2005) using ABAQUS. Based on studies on nine towers withttfuaie
records, the research yielded valuable information about dynamic behaii steel

towers. Some empirical equations were proposed to calculatguhalent shears, axial
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loads, and bending moments, etc. for quick design check. The research alsaol itidit

periods from 0.1 to 2.3 seconds had the most significant influenceponses of guyed
towers. The author gave empirical equations to predict the fundainietuency of the
guyed tower vibration:

f. = 28.5H7086 (2.10)
f, = 132.43H7092 (2.11)
wheref; (Hz) is the fundamental frequency for the guyed tower whgmupdes are not
suppressedf;, is fundamental bending frequency of the mast in Hz;lansl the height

of the mast in meters.

Seismic performance of a 120-m-tall guyed mast was examisgdy the finite
element method by Hensley (2005). The guyed tower model was t&abjedwo ground
motion records and three orthogonal earthquake components were inpatHaeeord.
The results, such as deflections, bending moments, guy tensions,sendhlears were
obtained and structural responses were examined. The effects tdatamtroduced by
the guys were also studied with the aim of analyzing the pdtestaof Snapping-Cable
Energy Dissipators to minimize lateral responses.

Although there is a variety of research regarding transmissfaoture responses to
dynamic loads, there is lack of a systemic study on the fordedtin of transmission
pole structures.

2.5 Structural health monitoring in civil engineering

The concept of structural health monitoring is put forward based addhehat civil

infrastructure has its own aging process. Many methods have dmasioped for

diagnosis of structural health. Yan et al. (2007) presented a revVistate-of-the-art of
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vibration-based structure damage detection methods. Peeters (208l0pddwva damage

detection technique for an experimental model with output-only measutgnmenere

structural damages under varying environmental conditions weretetbtéhrough a
statistical system identification solution. This method was proyetido Z24 bridge case
study including both long-term monitoring and with different damage scenarios.

Two damage detection techniques have been proposed by Maeck (20G8Bjethe
stiffness calculation technique and the sensitivity based updathgitjue. The basic
idea is that structural damage is well correlated with thaggsaof structural dynamic
properties (eigenfrequencies, mode shapes and/or transfer funcli@ss)programs
including laboratory testing on reinforced concrete beams as svel@eriments on two
prestressed concrete bridges proved that the proposed dynamidsanadifsod was a
helpful tool in structural health monitoring.

Two types of full-scale concrete structures, including concretenpavis and a
simply-supported prestressed concrete beams, were subjectedigize féoads to
investigate the effectiveness of two vibration-based damagetidatanethods: Fast
Fourier transform (FFT) and continuous wavelet transform (CWTY1efyhem and Kim
(2003). The study concluded that the wavelet analysis had apgteatial in the damage
detection of concrete.

A gradually damaged prestressed concrete beam was diagnosed thrdtigmtbeel
updating technique using experimental modal information (Unger. &t086). Modal
curvatures were found to be more sensitive to local changes of gestdiness than

eigenfrequencies and mode shapes.
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Based on the multiple damage location assurance criteria, KebDgke (2007)

performed damage detection study for long-span, cable stayed sbridgeough
iteratively searching for the maximum level of correlationween variations in
measured and analytically synthesized natural frequenciegydiiiohs of damage were
determined. A cantilevered beam model and a cable-stayed bridge weydelised for
simulating in the study.

Besides damage detection, health monitoring also means trackingture’s health
by measured data and analytical simulations (Aktan et al. 2003)h wbig involves a
broad concept of assessing in-service performance of structures aisvariety of
measurement techniques. Although there is a long history of powesmission
performance monitoring, the concept of structural health monitoringdtaseen caught
on by the power industry. Common practices to ensure structurdh heahe power
industry are based on periodic visual inspections along electds. g¢onsidering the
geographic dispersed nature of electric power grids, this kind pkdtien is both
expensive and time consuming. Ledn et al. (2007) realized the advanfag@esless
sensor networks and presented a conceptual design scheme for an appicaireless
sensor technology to assess structural health of transmissesn 8elected sensors and
their responses to any mechanical event were summarizedatria (hable 2.1). It was
proposed tension and strain sensors to be mounted at all conductor attacbiredht
strain structures. Accelerometers were proposed to be installd isupport structure
body for vibration and tilt monitoring. Installation of temperature sensvere also
considered for the purpose of detecting over-heating. The teo-lkeommunication

model was developed for the wireless mechanical sensor networkydimg
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communication ranges not greater than 100 feet for a local sgnosgr with a local data

and communication processor installed at each support, and interactiemdocal
data communication processors and the collaboration layer. The dagentdandled all
message processing and delivered the mechanical status imbormoasubstations. This
two-layer architecture overcame the range limitation for momication. Four different
failure modes were classified. For different failure modesedifft actions need to be
taken. The integrated power system security program that coutdrrpereal-time
assessment of the mechanical/electrical situation wasapedel The simulation studies
showed that the proposed monitoring scheme could help power engineersastakadf
appropriate decisions based on mechanical failure modes.

It is obvious that there are many research needs for elgobmcer facilities
assessment. It remains promising to introduce structural healtitoring strategies into
the transmission systems. These modern technologies are exjgesaek labors and
money. Such modernization relies on a systematic research, migbhinclude studies
on structural dynamic characteristics of various transmisstiictures, development of
sensing techniques and data acquisition systems, data managememitegrdtation
methods, and structural condition assessment and health prediction models.

2.6 Summary

Electric power transmission lines are critical civil infrasture. The reliability of
these structures is sometimes endangered by extreme ewgrital structural designs,
however, do not include extreme loading such as blasting. Currentivliéstare mostly
based on the observation of residential housing damages, which may swtabée for

power transmission structures. Developing protection strategi¢sfemission facilities
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requires the study of dynamic responses of these structuveslass the characteristics

of blast induced ground motions. Vibrational behaviors of transmission, poiésly
used as support structures in power transmission grids, receivied alitentions.
Experiences obtained from studying on communication towers provide caddliti
references for dynamic analysis of transmission poles. With mpderstanding of
transmission structure dynamic behaviors, health monitoring design psomising
approach to ensure our power delivery safety. Valuable informatiorderaged from
health monitoring strategies for other structure types andt le#ggeearch on wireless

sensor based health monitoring for the power transmission system.



(b}

{a):Formlay-out for pole manufacture
{bi:Prestresstendonlay-out and conerate cast
{c): Polerotation at a high speed

{d}: Prestressed concrete poles at fabrication plant
{e): Aprestressed concrete poleinthe power
transmission line (e)

Figure 2.1: Pole fabrication and a typical prestressed concrete pole
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(b)

(a): A typical guyed pole in the field
(b): Close view of the steel pole

Figure 2.2: A typical steel pole
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Figure 2.4: Typical blast monitoring report (Nomis 2003)



Table 2.1: Sensor application matrix (Ledn et al. 2007)
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Tension/Strain | Vibration Tilt Temperature
Normal Normal values | Normal valuess Normal values  Normal values
conditions
Ice accretion | Increased, Normal values | Normal values Normal values
low wind inside Very small

angle

Medium-high | Increased, High frequency| Normal values | Normal values
wind inside inside limits Very small
Bare conductor| limits angle
Medium-high | Increased, High Frequency Normal Values | Normal values
wind inside Inside limits Very small
Uniform ice Limits angle
Galloping Increased, at | Low frequency | Oscillating Normal values

limit values High amplitude | values
Explosion blast| Sharp increas¢  Sharp Oscillating Temporary rise

amplitude values
increase

Compromised | Increased in No information | Appreciable tilt Normal values
structure strain support 0-90 degrees

Loss of

equilibrium in

suspension

supports
Collapse Sharp increase, No information | Appreciable tilt Normal values
structure then goes to ~90 degrees

zero
Hot spots Normal values| Normal values Normal values Isolated high

temperature

Overheating Increased strajiNormal values | Normal values  Uniform

caused by between

sagging conductors and

nearby supports

D




CHAPTER 3: BLAST INDUCED GROUND VIBRATION

3.1 Introduction

In this chapter, an extensive field monitoring work was perfdrnResults of blast
induced ground motions were characterized for two blasting sitéseirsoutheastern
United States. Empirical design response spectra with expeciadppeticle velocity
were generated based on collected records. These desigra spgees would be used
for later transmission structure spectrum analysis to olstairctural response during
ground vibration caused by blasting.
3.2 Blast monitoring

Ground motions induced by surface blasting were recorded both byiomadi
geophones and wireless accelerometer units. Sensors were diuthedocation usually
hundreds of feet away from the explosion but in the proximity ofdhedation of the
studied electric transmission structure, usually about one foot dowgrabad (Figure
3.1). Blasting was involved in a surface coal mine and a rock quarry. Sieetdneration
was established by conducting geophysical testing and study@wgpps boring data
The results indicated thabth sites can be described as shallow bedrocks with surface
layer of stiff, silty sands. Such sites are characteristicsiost Appalachian mountain

regions with either carboniferous coal formations or mineral quarry.
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While the general site horizons are similar, the site gamseinvolved in the

blasting for two sites are quite different: Site A represkatesurface ground blast that
travels through a continuous surface to the transmission structhexeag Site B
involved a gapped area between the blast site and the subject st(&ogure 3.1). The
difference in site geometries can result in different wave gatpan phenomena. The
site geometries associated with the transmission structmeesypical of commercial
surface mining in south-eastern US. Table 3.1 lists the selectadfrden the entire
blasting database based on preliminary signal observation.

Equipments used in monitoring included wireless accelerometerseammographs,
both of which are commercially available. The wireless sensorsugitri-axial MEMS
accelerometer (MicroStrain 2007) (Figure 3.2). It has three cla(@eannel 1, 2 and 3)
representing three directions of vibration measurements. Theo®Mrain G-Link
wireless sensor features 2 KHz sweep rates, combined with B#bf/ flash memory.
Accompanied with the bi-directional RF communications antenna, mealdata can be
transmitted to the host PC. The seismograph used in the blastingommgniis a
geophone product of Sauls Seismic, Inc. It has three perpendiangronents of
velocity described as radial, transverse and vertical directiopsodihg duration for
seismographs is about 6 seconds. It was buried side by sideheitlvireless sensor
during blast monitoring. Compaction efforts were made while hgryhe sensor to
reduce impacts of disturbed soil around the sensor. Since the mautivabjof this
monitoring work was to collect ground vibration data to use as foundatmtat@ns
during the later dynamic response analysis, detailed studieplos®n distance, charge

weight, wave propagation and attenuation was not included in the scope of this project.
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3.3 Ground motion records

The ground vibration signals obtained by the wireless acceleroaret@cceleration
time histories, which have amplitude in g’'s and time unit in seconks recording
duration was set first around 12 seconds and later about 8 seconds, vshifitient to
catch ground motions induced by the blasting. Most recorded data ussédly around
one second. A trigger was set to instruct the wireless senddo uegin streaming data
at a specified level determined on site. After blasting, acagbn data was then
downloaded for later analysis.

Wireless sensor units used in this monitoring work were relatisehsitive and
picked up ambient noises. Filters were then programmed to reduce #e frmn
recorded signals. The implementation of such a filter functionbeaexpressed as a
convolution operation (Jenkins et al. 2000):

y(n) = h(n) *x(n) = Ymm—_ h(n)x(n —m) in time domain (3.1)
Y(w) = Hw)X(w) in frequency domain (3.2)
where x(n) is the original signaly(n) is the filtered signal, and(n) is the filter
function; X(w), Y(w), andH(w) are the Fourier Transform af(n), y(n) and h(n).

h(n) in frequency-domain is often called the transfer functibiw()). Its theoretical
form can be written as the following (Jenkins et al. 2000):

H(e/?) = Yo h(n)e /@m —nt<w<m (3.3)
h(n) = ifan (e/®)e/“"dw —o<n< o (3.4)

A Finite Impulse Response (FIR) filter was developed in thiepdt is a frequency-
selective filter. The original record within certain rangéliscked by the filter function

or transfer function in the frequency-domain. The windowing technod@gyused in the
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FIR filter design. Typical windows include Rectangular windowniiag window,

Hamming window, Kaiser window, etc. The simple rectanguladeoiv was selected to
design the FIR filter, which is defined as (Kumar 2005):

1, 0<m<N

0, otherwise (3.5)

w(m) = {

The output signaly(n)) can be calculated by input signal(4)) from the following
equation (Karam 1999):
y(n) = Ty2y, h(m)x(n —m) (3.6)
Corresponding expression in frequency domain is obtained from the following
(Karam 1999):
Y(m) = Hm)X(m) m=20,..,Nppr (3.7)
where X(m), H(m) andY(m) are the Discrete Fourier transform xfn), h(m) and
y(n). Nppr is the size of the DFT(m) is the impulse response of the filter and can be
obtained from multiplication of an ideal filter functiohy(m)) as a high-pass truncation
with a selected window((m)):
h(m) = hy(m) w(m) (3.8)
A typical blasting signal recorded by the wireless sensehasvn in Figure 3.3, for
which the FIR filter was applied. A simple square low-paserfitas used. More raw
blast records can be found in Appendix A.
The geophone data is the velocity time history in unit of in/gufiei 3.4). The
geophone used in monitoring has remote communication ability. The reeEsur
instruments were left underground for weeks to collect sufficiemirgl vibration data.

Neglecting pre-triggered data, a blasting event from the ¥gltione history also has
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about one second duration, which is less than that of a typical nattedueake (Figure

3.5). More blast records by geophones can also be found in Appendix A.

Transferring recorded signals from time domain to frequency domlaamacteristics
of blasting induced ground vibration were further examined. As showneirsgectral
form, the frequency range is between 0.5 Hz to 200 Hz with dominantsnixedew
120.0 Hz for the accelerometer (Figure 3.6) and the frequency fangkee blasting
signal are from 0.2 Hz to 100 Hz with most sensitive range below 50 Hz for the geophone
(Figure 3.7). This difference may be caused by different bandwltthacteristics of
accelerometers and geophones. Other measurement relatedccaswso contribute to
frequency contents: sensor sensitivities and sensor placements. r€dmjid natural
earthquake Fourier spectrum (Figure 3.8), ground motions caused ygotasturred at
relatively higher frequencies, which was consistent with other rés@aowding 1985).

It is noted that Hao and his colleagues’ research (Hab 20@1; Hao et al. 2002,;
Hao and Wu 2005; Lu et al. 2002a; Lu et al. 2002b; Ma et al. 2000; Ma et al. 2002; Wu et
al. 2004; Wu and Hao 2005; Wu et al. 2005; Wu and Hao 2007) indicated a relatively
higher frequency at the peak ground motion than our findings. It isteasyderstand
since most of their results are based on idealized numericalandrigurs are from actual
field experimental measurements. Besides this research methpdditfgrence,
geological type, charge weight, explosion distance, site conditiast,d#sign and many
other factors can affect the ground vibration characteristics.
3.4 Signal integration and differentiation

Numerical integration and differentiation were performed to géméaaget data that

could not be obtained from direct measurement. Numerical int@gratheme in time



44
domain is straightforward: assumifig(n)} (n = 0,1,2 ... N) is the measured signal, and

At is integration time step, then the integral {a{n)} can be calculated using the

Trapezoidal rule (MATLAB 2008; Manassah 2001; Wang and Hu 2006):

x(k 1)+x(k)

{y(n)} = At Y- (n=12,..N) (3.9
Numerical differentiation is to estimate the derivative o$ignal using recorded
discrete values. A simple two-point estimation was used to contpaigifferentiation of

input signal{x(n)} (n =0,1,2...N) with time step,At (MATLAB 2008; Manassah

2001; Wang and Hu 2006):

x(n)— x(n 1)

{y(m)} = (n=12,..N) (3.10)

Numerical integration can also be realized in frequency domain (Wang and Hu 2006):

nk
yi(n) =YV, ]anAf H(k)X(k)e N first order (3.11)

j2mkn

y(n) = YN, — mH(k)X(k)e N second order (3.12)
The numerical differentiation in frequency domain is calculatetblémvs (Wang

and Hu 2006):

yi(n) = ¥N_, jQrkAf)H (k)X (k)el2™n/N first order (3.13)

y,(n) = ¥N_ —2rkAf)?H (k)X (k)e/2™™/N  second order (3.14)

< <
whereH (n) = {(1) /;‘;:h_ernAf - f“, andf,, f,, are lower and upper cut-off frequencies,

respectively. X(n) is the Fourier transform of the input sigal(n)} and Af is the
frequency intervalk andn here are sequence variables.
Codes for numerical integration and differentiation were developed AmLMB ©

environment. The vertical direction vibration of signal R5 (Figure B8prded by the



45
seismograph was processed and shown here. Since the raw da& dentnain velocity

signal, it can be either integrated into displacement timerkigir differentiated into
acceleration time domain data. The computation results wereeaslosgh between time
and frequency domain methods (Figures 3.10-3.13).
3.5 Signal characterization

All the raw data were first gone through noise reduction. Then ncahéntegration
or differentiation was performed to obtain expected time histofies.peak values of
acceleration, velocity and displacement in time domain whetified. The frequencies
at the peak amplitudes in frequency domain were also identified. S&ymoh peak
particle acceleration (PPA), peak particle velocity (PPW peak particle displacement
(PPS) were listed in the Tables 3.2 and 3.3. The frequency distriboti®®A, PPV and
PPS is shown in Figure 3.14 (a), (b) and (c), respectively. A& wede scatter
characteristic for these frequency distributions exists becausatf&ere obtained from
a variety of blast events. Frequencies for PPA, PPV, and PPS were avengigedrnean
values for each of them. These average values yield the rante forincipal frequency
in spectrum design.

Maximum values of PPA, PPV and PPS for each blast were daldudend these
maximum values were lineally fitted. Figure 3.15 shows relatetseen PPA, PPV and
PPS. These empirical correlations can be used to predict naxewaoeleration and

displacement at a given peak particle velocity.
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3.6 Development of response spectrum

The response spectrum is presented in the form of plots of maxpeakrresponses
to an excitation versus natural frequencies. If dynamic clearsiat of a SDOF under
ground vibration is described as (Tedesco et al 1999):

mi(t) + cx(t) + kx(t) = —miy(t) (3.15)
wherem, c, andk are mass, damping and stiffness of SDOF, respectivelye wit),
x(t) and x(t) are displacement, velocity and acceleration of SDOF relativéhe
ground; X4 (t) is ground motion.

For a given damping rati§, maximum values of relative displacement, relative
velocity and absolute acceleration at different frequenaiesan be calculated as
displacement spectruffy (w), velocity spectruns, (w) and acceleration spectrusp(w)

(Wang and Hu 2006):

Sy(w) = widfot %g(0)e 39D sin wy(t — 1)dt (3.16)

max

S,(w) = fot Xg()e~et=D [cos wq(t—1) — %Ezsin wy(t — T)] drt

(3.17)

max

_n¥2
%) sinwg(t—1) +

2

3
e

Sa(w) = |wy fot Xg(n)e~@tD [( cos wg(t — r)] drt

max

(3.18)

The plot of maximum response; (w), S, (w), andS, (w)) against frequencies is the
response spectrum curve. Assuming a damping €atib0.02 for monitored structures
(Loredo-Souza and Davenport 2003), response spectra of ground motion induced by
blasting can be generated. Typical spectra are shown in Figures 3.16 to 3.18.

Pseudo peak ground vibration is defined as the peak value of these.spletr

amplification factors, the ratio of average pseudo peak ground motiotss@nated
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frequency ranges via corresponding PPA, PPV and PPS can be olifastedution of

amplification factors is shown in Figure 3.19.

A target ground motion curve can be generated based on empitieadcBYy setting
PPV to certain expected values, PPA as well as PPS can tleafcbkated following the
empirical relations between PPA, PPV and PPS (Figure 3.15). Ti@ppat spectrum
frequency can be estimated from frequency distributions (Figure. F1ek}ing target
velocity with predicted acceleration and displacement in a tit@graper results in a
target ground motion curve. A response spectrum for the blastwithita certain PPV
value can then be constructed by multiplying the target ground motibrthe average
amplification factor and drawn it as a tripartite plot, followthg method proposed by
Dowding (1985). This design response spectrum can be used in the spmtatyais to
investigate structural response of transmission facilities.

Take the empirical blast limit PPV=2 in/s for example: Feg3.20 is the target
ground vibration curve in tripartite format, in which PPA and PP& wétained from
relations in Figure 3.15; Figure 3.21 is the response spectrungnddsithrough
multiplying values in Figure 3.20 with the amplification facton tthe same way, other
anticipated design spectral curves with different levels of PPV can be developed.
3.7 Summary

To protect electric power lines under strong ground motions caused by sunfi@og mi
blasts, an extensive monitoring work was performed. This chapter inédield
experimental results. Ground movements were recorded using botlotraldgieophones
and wireless tri-axial sensing units. Signal process technslogneluding noise

reduction, numerical integration/ differentiation, convolution integrare used to
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analyze blast induced ground vibrations. Empirical relations betwedn adazes of

acceleration, velocity, and displacement were developed, which beulded to predict
acceleration and displacement for a specific peak value of vel@tieydesign response
spectra of blast induced ground vibrations were generated based onPghe blast

limits.
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Figure 3.2: Wireless sensor used in blasting monitoring

50



channel (1) acceleration

(6) uonels@a0y

Time (sec)
channel (2) acceleration

A

ol n““l\‘ H\ TTIT IR A

(6) uoneis@aoy

Time (sec)
channel (1) acceleration

(6) uonelisg|@aoy

Time (sec)
Figure 3.3: U5 acceleration in time domain after application of the FIR filter

radial velocity

———

(=]
n o

o =)

(s/ur) apnydure

o

time (sec)
vertical velocity

— -

(=]
n o

o =)

(s/u1) apnydwre

o

time (sec)
transverse velocity

(=]
n n

o =}

(s/u1) apnydure

o

time (sec)
Figure 3.4: R5 velocity record



52

I | I | I | 1 | I | I | I | I | 1 | 1
0.10 4
0.05 <
B
(1]
ED.DD—
£
£
<
-0.05 4
ood L
0.15 4+——f——fF——F————————F————F—
0 1 2 3 4 5 6 7 8 9 10
Time (sec)
(a)
I | I | I | I | I | I | I | 1 | I | I
@
=
@
=]
=2
£
£
<

2 U U SR RN (25NNt S SR U SRR AU SO L
3 T I T I T I T I T I T I T I T I T I T
0 1 2 3 4 5 6 7 8 9 10

Time (sec)
(b)
Figure 3.5: Time history of a natural earthquake at Georgia: (a) aattaherb) velocity
(Data sourcehttp://peer.berkeley.edu/smaat/




53

channel (1) acceleration

o
(B)apnydwy

150 250 300
Frequency (Hz)
channel (2) acceleration

100

50

(

< N o
B)epnidwy

150 250 300
Frequency(Hz)
channel (3) acceleration

100

50

(=]

|

|

|

|

|
o

o
(B)apnudwy

o

100 150 250 300
Frequency(Hz)
Figure 3.6: U5 acceleration in frequency domain after application of the R fil

50

0

radial velocity

o

005--

—
—
o

(=]

(syunspnydwy

300

200

150
Frequency (Hz)
vertical velocity

50

(=)

0.01

—~

o

0.005+

s/un)spnijdwy

k=)

300

200

150
Frequency(Hz)
transverse velocity

50

(=]

0.01

—~

e

I

|

|

|
1]

|
|
|
|

L

o

005 ---------

0

s/unspnijdwy

k=)

300

200

150
Frequency(Hz)

Figure 3.7: R5 velocity record in frequency domain

50

(=]



54

earthquake acceleration

-3
2x 10

o
T T T T T T T T T =
I I I I I I I I I — , ,
I I I I I I I I I , ,
I I I I I I I I I , ,
I I I I I I I I I , ,
I I I I I I I I I
\\ﬂ\\J\\\ﬂ\\\,\\\ﬂ\\\,\\\ﬁ\\J\\\T\\% J,f J,r
I I I I I I I I I
I I I I I I I I I ” ”
I I I I I I I I I , ,
I I I I I I I I I , ,
| | | | | | | | | L
\\,\\\J\\\,\\\J\\\,\\\J\\\,\\\J\\\,\\\% A,ﬂ A,ﬂ
I I I I I I I I I , ,
I I I I I I I I I , ,
I I I I I I I I I , ,
I I I I I I I I I , ,
I R B T B R S R RN N A =) - , ,
| | | | | | | | | N~ | |
I I I I I I I I I , ,
I I I I I I I I I , ,
I I I I I I I I I , ,
I I I I I I I I I
[ 1L __ . __L__J___L__J___L__4___L_=0O ‘W.{ ” ”
| | | | | | | | | 6\_0/ o , ,
| | | | | | | | | I o , ,
| | | | | | | | | = [ | |
I I I I I I I I I - > , ,
I I I I I I I I I o0 o | L i
| "B S X | |
| | | | | | | | | o — G , ,
I I I I | | | | | S ®©=3
I I I I I I I I I Q(m. ” ”
| | | | | | | | | o ] , ,
I I I I I I I I I m S L
o + +
R e e e I S B e e
I I I I I I I I I < ® ” ”
I I I I I I I I , ,
I I I I I I I I = , ,
I I I I I I I I = , ,
I I I I I I I I 1 L
T -r- -~ --r--°a---r—--% \\l\\\% ‘,ﬂ ‘,ﬂ
I I I I I I I T =
I I I I I I I | = ” ”
I I I I I I I I = , ,
I I I I I I I — , ,
L e e o = T T
[ | T | T | i = N , ,
I I I I I I —
I I I I I s | ” ”
I I I I I I I — , ,
I I I I I | ——— | , ,
T B P — T 1 __|o - | | |
| | | ———F 1 — | | .
. L ! | | I [ [
| | | [ I [ [ |
T R e et L T
I I I I I I I I [ , , | | | | | ,
| | | | | | | | |
m e v W 9w e s w o g 85 8 8 3 8§ g °
A L © o o o © © o o o o o o o
apnydwy apnydwy

60 70 80 90 100

50
Frequency (Hz)

(b)

Figure 3.8: Spectrum of a natural earthquake at Georgia: (a) accelégatiti) velocity

(in/s)

(Data sourcehttp://peer.berkeley.edu/smaat/

40

30

20



5

4

3

2

(s/ur) spnydwe

-0.4o

time (sec)
Figure 3.9: The vertical velocity signal of R5 record

0.15
0.05------

6

5

4

3

2

1

-0.20

time(sec)
Figure 3.10: Differentiation of R5 velocity signal using time domain method



56

7

I
|
|
|
|
|
i
|
|
|
|
|
4~
|
|
|
|
|
I
T
I
|
|
|
|
[
|
|
|
|
|
T
|
|
|
|
|
4
|
|
|
|
|
|

5

4

B e e

3

2

e e e mm =

|

T
'
'
'
'
]
U |
1
]
]
]
]
'
]
Fr=-"f~-"~"~~~="QA=======°==°=°="°

[

W

10

tim efzec]
Figure 3.12: Integration of R5 velocity signal using time domain method

8
E_-_-_-_-_-_-
4_-_-_-_ F---

time(sec)
Figure 3.11: Differentiation of R5 velocity signal using frequency domain method

0.2
0
Y S

0.15

{unapnydwe



57

I
i
'
'
'
'
'
g g S U
]
'
'
'
'
'
'
e el T i R
g g S U

B e Rl Rl

IR I U | AP | R |

(U prpcLE

]
) IR D
2

B R

timelsech

Figure 3.13: Integration of R5 velocity signal using frequency domain method



Frequency (Hz)

PPA (in/s”)

58

100 1 1 | 1 1 60 1 Il 1 L 1
.
. i
50 .
80 L
40
60 - —
L .
2 30 .
" 3 ]
40 iy L ag) o
. o . -
—r w20 P ! ;
20 4 " L ¢
L] n " i hd hd |
. L "l Tan u (T 10 . . . . !
] . L i i . L
| io®
0 0 | |
(a) (b)
1 1 | | 1 1
40 - i ; L
A
35 e A | Average =15.67 (Hz) | B
30+ Y G R B
A A
T 25 g S A A ) -
L ‘ A A
3204 A : A 3
e ’ At “uo A
;‘J’ 15 4 Aty = A L
L A
1 1 1 1 1 1 0007
: : ; : & . L
g0 : i 0.006 ;
PPA=195.393.PPV - | L
Standard deviation=16.425 PPS=0.011<PPV
70 - L 0.005 e
Standard deviation=0.001 /
: 3 ; i T £ /
5O il | ~ r
L 8 0.003 = "
i o [ ]
40— / 3
: r 0.002 L
L i M -
‘ i 0.001 »
2044 i L &
s : Fyow " i
W —— 0.000 . . . . . . . .
010 015 020 025 030 035 040 045 050 010 015 020 025 030 035 040 045 050

PPV (in/s)

Figure 3.15: Empirical relations between PPV, PPA and PPS

PPV (in/s)



Amplitude(in/s?) Amplitude(in/s?)

Amplitude(in/s?)

Amplitude(in/sec) Amplitude(in/sec)

Amplitude(in/sec)

59

=
wn

Radial
150 Maximum
| Frequency=9.8 B
100 itude=110.6267
50+ =
0 | |
0 50 100 150
Frequency(Hz)
Vertical
300 Maximum
| Frequency=15.4 |
200 Amplitude=203.1144
100+ B
0 | |
0 50 100 150
Frequency(Hz)
Transverse
150 .
Maximum
1001 Frequency=15.1 |
Amplitude=125.9152
50
0 | |
0 50 100 150
Frequency(Hz)
Figure 3.16: Response spectrum for R5 acceleration
Radial
2 Maximum' !
Frequency=9.9
1L Amplitude=1.7673 |
0 ! \ ! ! \ ! \
0 10 20 30 40 50 60 70 80
Frequency(Hz)
Vertical
3 Maximum ‘ ‘
ol Frequency=15.4 i
Amplitude=2.2365
1 [
0 | | | | | | |
0 10 20 30 40 50 60 70 80
Frequency(Hz)
Transverse
Maximum ‘ ‘
1- Freqqency=15.2 i
Amplitude=1.4616
0.5 B
0 | | | | | | |
0 10 20 30 40 50 60 70 80
Frequency(Hz)

Figure 3.17: Response spectrum for R5 velocity



60

Radial
_ 004 ' Maximum ! ‘
% Frequency=9.6
So002) / | Amplitude=0.030282 |
a f |
e /L\/V \/\/\/\J\W
< 0 | | | | | | | | |
0 10 20 30 40 50 60 70 80 90 100
Frequency(Hz)
Vertical
0.04 T I \ w
= Maximum
E /X Freq:_Jer(ljcy_=9.5
So002- AJV Amplitude=0.030109 |
= NV
£
<
0 ! ! ! ! ! ! ! ! !
0 10 20 30 40 50 60 70 80 90 100
Frequency(Hz)
Transverse
0.06 ‘ ‘ ‘
= Maximum
D 0.04- Frequency=4.5 |
E [\ Amplitude=0.04149
5002 || ]
e %
<
0 ! ! ! ! ! ! \ ! !
0 10 20 30 40 50 60 70 80 90 100
Frequency(Hz)

Figure 3.18: Response spectrum for R5 displacement

= PPA amplification factor
e PPV amplification factor
PPS amplification factor

12 4

<0} . . L
-g . L ] P . & L ]
=z 64 TS SO SOSTO 3 R S T S SRS
E - -
< Amplification f he value=3.39

4. // _____ :L___'_’_"_'P__'__'_‘f?_t_'_q_r_‘;___E?_‘?_t__c_’_r__?_‘_’_?T.?Q.?.Y?..H?Z..;._5 ________________________

. i : i
e 5 .
2 g - L B L
| . " - e = - m i om 2a n
[ I | n . aineg - " [ ] - m

0 : : : :
Figure 3.19: The average value of amplification factors



Relatlve veloclty (In/sec)

Relative velocity(inisec)

61
10

W B~

0.7

059
0.4

0.3

-
09(’\
0.2

0.1

1 2 3 4 5 6 7 8910 20 30 40 50 60 70 80 100
Frequency (Hz)

Figure 3.20: Predicted ground motions based on 2 in/s PPV criterion

0.7
0.5

0.3
02

0.1
007 g
0.05

0.03 QQQQ\'«\.
0.02

0.01
0.1 02 03 0405 07 1 2 3 4 5678 10 20 30 40 506070 100
Frequency(Hz)

Figure 3.21: Design response spectrum based on 2 in/s PPV criterion



Table 3.1: Summary of selected blast records

Record Data type Site
Ul Acceleration time history A
u2 Acceleration time history B
u3 Acceleration time history B
u4 Acceleration time history B
us Acceleration time history B
R1 Velocity time history A
R2 Velocity time history A
R3 Velocity time history A
R4 Velocity time history A
R5 Velocity time history A
R6 Velocity time history A
R7 Velocity time history B
R8 Velocity time history B
R9 Velocity time history B
R10 Velocity time history B
R11 Velocity time history B

Table 3.2: Peak values of signals recorded with wireless accelerometers
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Record

Ul
U2
U3
u4
U5

channel 1

PPA PPV
(in/)  (inls)

PPS
(in)

channel 2

PPA
(in/s)

PPV
(in/s)

PPS
(in)

channel 3

PPA
(in/s)

PPV
(in/s)

PPS
(in)

16.3623 0.1848
22.4293 0.0995
37.3167 0.1600
26.0213 0.0893
48.3594 0.1214

0.0028
0.0005
0.0010
0.0003
0.0005

13.3692
26.1046
32.0862
35.2167
34.7805

0.1086
0.1155
0.1297
0.1074
0.1279

0.0014
0.0007
0.0009
0.0004
0.0004

9.5732

18.0242
28.8242
35.6900
45.8623

0.1073
0.0710
0.1574
0.1303
0.1557

0.0014
0.0004
0.0010
0.0006
0.0007




Table 3.3: Peak values of signals recorded with geophones
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Eg;e Radial Vertical Transverse

PPA PPV PPS PPA PPV PPS PPA PPV PPS

(in/s) (infs)  (in) (in/s) (infs)  (in) (in/s) (infs)  (in)
R1 42.4742 0.3200 0.0058 88.5661 0.4650 0.0049 55.9770 0.2900 0.0042
R2 30.4873 0.2150 0.0043 74.8431 0.3600 0.0028 40.1113 0.1800 0.0021
R3 41.0648 0.2000 0.0027 57.8273 0.2850 0.0024 65.8390 0.2400 0.0022
R4 19.6262 0.1600 0.0023 32.4483 0.2650 0.0030 19.8486 0.1650 0.0032
R5 33.0622 0.2700 0.0051 41.6164 0.3750 0.0064 26.3073 0.2100 0.0062
R6 29.3380 0.2500 0.0041 36.4633 0.2650 0.0025 23.2745 0.2050 0.0020
R7 67.5367 0.2800 0.0016 75.5914 0.3200 0.0021 70.0913 0.2600 0.0017
R8 52.7385 0.2200 0.0011 54.4310 0.2000 0.0012 56.0255 0.1800 0.0011
R9 39.6927 0.1200 0.0007 42.6915 0.1200 0.0008 38.0564 0.1000 0.0007
R10 64.0132 0.2000 0.0012 60.4789 0.3000 0.0021 47.9476 0.1600 0.0013
R11 61.6753 0.1600 0.0007 57.8441 0.1800 0.0008 51.6437 0.1600 0.0007




CHPATER 4: FREE VIBRATION CHARACTERISTICS OF THE TRANSMIEN
POLE STRUCTURE
4.1 Introduction

Free vibrations of a structure, also known as modal behaviors, yieldbkalua
information about the inherent dynamic characteristics of therayst the formats of
natural frequencies, mode shapes and damping. Studies on free vibratemspfission
poles are limited: Lantrip (1995) and Chen et al. (2006) reported mextalds well as
FE analysis on concrete poles; Polyzois et al. (1998) studied compositeyakisg the
finite element method to obtain natural frequencies. All of the attnkes are based on
free-free or cantilevered beam models. In reality, however, demendithe rigidity of
the direct embedment foundation, the boundary condition may or may nssuraed to
be fixed.

This chapter reports research results from a series ofaestsodal behaviors of a
tubular steel pole structure and three prestressed concrete |dolésl testing was
conducted by impact excitation to seek eigensolutions of the poletietbrédodal
analysis was also executed through finite element modeling. Nfluences of some
physically significant parameters on modal characteristitsconcrete poles were
numerically investigated. Investigative modeling work was alsdopeed on two
operational transmission lines. Simplified computational models dereloped for the

coupled transmission system based on the method proposed by Li et al. (2005).
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The results of this work pave the way for the study of dynamspanses of

transmission structures under blast induced ground vibration.
4.2 Modal testing of transmission pole structures
4.2.1 Testing program |

Modal testing is an experimental technique that involves measuregyeincy
response functions (FRF) of a structure. Modal testing using iregeitation can obtain
FRFs that contain necessary information about a system in tdrnetural frequencies,
mode shapes and damping factors. In this study, impact modagitests conducted on
two prestressed concrete poles (Table 4.1). The tests werenpatfor fixing response
location (output from the sensor) and roving force excitation points (impat the
hammer). Testing configurations include suspended, simple-supporteddisot
embedded poles (Figures 4.1, 4.2). The equipments consist of accédespraedata
acquisition system, and an instrumented hammer. The FRFs wergrthmessed to
extract modal parameters such as natural frequencies and corragporatie shapes
(Figure 4.3). The identified eigen-frequencies of the pole vimaire listed in Table 4.2.
Figure 4.4 gives the representative mode shapes of two diffegntanfigurations.
Mode shapes from CP1 and CP4 are not shown here since they dae wrtose of
CP2 and CP3.
4.2.2 Testing program I

Two in-operation pole supported transmission lines were experimerstaitied
(Figure 4.5). The steel pole (OSP) is used in a 115 kV doubletciransmission line

section. The concrete pole (OCP) is the support structure in a 4®Wwgr line. These
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two lines are in close distance to each other. Both poles ardydesthedded. The steel

pole is also guyed with four cables.

Full-scale impact modal testing was conducted on both these polesxdéremental
design and equipments used in the testing are similar to those cahduct®ncrete
poles in test program I. Since ground movements are transmitted thrmughried end
of the pole, unlike wind loads, which stimulate any part of the egobwer grid, more
interests were devoted to measure the pole structural respWvisesone accelerator
attached on the pole, multi-point impacts were applied along the pible am
instrumented hammer. The free vibration behaviors of these two potesextacted
from their FRFs. Identified natural frequencies are listedable 4.3. Due to strong
coupling phenomena in the steel pole, especially guy wire effesctaodal behaviors are
not very well derived.

4.3 Modal sensitive parameter study of transmission concrete poles

The finite element modeling technique has been proven to be amveffemol to
study vibration behaviors of transmission structures. The influen€ephysically
significant parameters on modal characteristics of trassonigpoles were numerically
examined by studying a 95 feet pole (CP1) and the concretenptble operation power
line (OCP).

4.3.1 Numerical study of a 95 feet concrete pole

The 95 feet concrete pole in test CP1 was numerically ambl\aterial properties
and geometry information for the original model are listed ablds 4.4 and 4.5.
Concrete and prestress strands were respectively modeled with solidtsl€8@LID65)

and truss elements (LINKS8) provided in ANSYS, whereas the spirat were smeared
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into concrete by their volume ratio along the pole length (€igu6). Nonlinear static

analysis and modal analysis were conducted sequentially sanatutte prestress effects
into eigen-solutions of the pole vibration (ANSYS 2005).

Modal analysis was conducted with varied prestressing forocesler to investigate
sensitivity of frequency to prestress level. The resulting lative between prestress
force change and corresponding natural frequencies is shown in Figyreviich
indicates that prestress is not a very sensitive paranwtdérefjuency shifts. Previous
studies (Dallasta and Dezi 1996; Deak 1996; Hamed and Frostig 200&ndiai@oel
1996) explained the prestress effect on the natural frequency;raBgngpeaking,
prestress effects can be neglected during numerical etastial analysis of prestressed
concrete structures for practical purposes.

Concrete strength sensitivity was then studied by adjustingotherete modulus of
elasticity, which was obtained through Equation (4.1) (PCl 2004). Thelaton
between change of concrete strength and natural frequencie® oilpaltion is shown in
Figure 4.8. It was found that eigenfrequencies of the pole \obrakeviate within 13%

range when concrete strength varies from -40% to 30% of its original value (11000 ps

Ec = (40000y/f7 + 1.0 x 10)("*/1,0)*°  (s) (4.1)
where: E. (psi) is concrete modulus of elasticityy (psi) is concrete compressive
strength, anav, (Ib/ft%) is concrete density.

To study effects of boundary conditions, linear springs (COMBIN14gvaeded to
the original FE model at the location of the supports. It was foundftiiasimilar mode
shapes, natural frequencies increased with an increase of siiffimgss (k) (Figure 4.9).

For example, the fundamental frequency at k=10000.00 Ib/in is 5.60 Hz wathile
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k=1000.00 is 3.10 Hz. Different spring stiffness brought changethenboundary

condition, which to some degree introduced changes to mode shapes.
4.3.2 Numerical study of a 35 feet concrete pole
Most pole structures are directly embedded. Special attentiovers ® the study of
soil-structure interaction effects on dynamic behaviors of the presiresserete pole.
Transmission poles can be generalized as tapered-end, round beants stadkeor
concrete with prestressed and normal reinforcements. Thus fafal nstudies on
transmission poles have been mostly conducted on suspended poles (Lantriprl995)
simple supported poles (Chen et al. 2006). Although Chen et al. (2006) dtzmnper
experimental modal analysis on an embedded concrete pole, thg teas restricted to
only single-point impact and mode shapes were not obtained. Also, fisedogindary
was assumed in their numerical models. However, the cantilever-agsumption may
not always be representative of the true boundary conditions whighiaalty a function
of the stiffness of surrounding soil (Bhattacharya and Dutta 2004; Sanay€el @2%).
The direct embedment foundation used for transmission poles is sotremhar to
that of drilled shaft foundation. Loading conditions may include high owemnigir
moments with relatively low axial and lateral shear loads-$nikture interaction (SSI)
effects could be considered as soil springs, which representstiifiness of annular
material. Rojas-Gonzalez et al. (1991), for example, utilized dbedpring nonlinear
subgrade modulus model to predict the load-deformation of direct embedded poles.
With linear elastic assumption, soil-structure interaction cambeéeled as a set of
linear translational and rotational springs and dampers, which eepresrrounding

annular material (backfill materials and soil). Assum|ig is the system stiffness
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matrix, which is composed of pole structure stiffness maiﬁ%g]b and linear soil spring

stiffness matrix [K]). The governing equation for basic structural dynamic behaviors of

the pole can be expressed as Equation (4.2), in the form of mass and stiffnessmatri
[Mp]{5} + [Kp]{x} = (R} (4.2)

where[M, | is the mass matrix of the pole; afR} is the boundary reaction.

Eigensolutions to the pole system can then be obtained by solving:

(K] = 0?[M,]){e} = {0} (4.3)

wherew is natural frequency of the pole with soil-spring boundary conditions{@} is
the corresponding mode shape vector. The matrix calculation can beymatfhmrough
numerical methods, such as FE modeling.

Modal behaviors of the embedded concrete pole were simulated usirfmithe
element modeling technique. Eigenvalue analysis was performed osmgercial
software - ANSYS (2005). The pole structure was modeled usingethpeam elements
(BEAM189). The input information, including geometry of the pole, Young’'s modulus
(E) and mass densitp) are listed in Table 4.6.

SSI effects were studied by adding a series of liner ielastssless springs
(COMBIN14). Assuming small deformation and linear elastjcit four-spring Winkler
model (Figure 4.10) was used to define these springs. The influEbeeldill-material
in combination of surrounding soil was considered by the approxima#@ons in
Equations (4.4) and (4.5) (Gerolymos and Gazetas 2006). The base sptimgsnodel
were further simplified as vertical restraints-this is liseadirectly embedded poles

usually have very small base areas, thus, providing very ridtiional resistance. For
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the modal testing procedure described earlier, there is no exciiat the torsional

direction, hence rotational behavior is assumed as non-existent.

H —-0.13

ki~ 175(38) s (4.4)
H -1.71

S ~ 0.85 (D—z) EgH3 (4.5)

whereky (Ib/in?) andkg (Ib) are spring constants for translational and rotational spring
along the buried pole, respectivelly; (psi) is modulus of elasticity of the backfill-
material/soil;Hg (in) is buried depth; and®dg (in) is the average diameter of buried
portion of the pole.

Through adjusting soil spring stiffness; more specifically, moaghgoil modulus of
elasticity Es) in Equations (4.4) and (4.5), modal characteristics of the pole wit
different embedment conditions were obtained by using finite element analysi

Figure 4.11 shows changes in the eigenfrequencies for first lereding modes with
different soil springs. Natural frequencies are shown to iserea soil springs stiffens.
This is obvious especially when elastic moduli of soil sprirify9 &re small. Higher
modes are shown to be more sensitive to the boundary fixity. The atsulindicates
that the cantilevered beankg(— o) assumption is not always valid for the pole,
especially for higher frequency modes, which can be observed by éogpiae test
results with numerical solutions of different soil spring stiffness (leigut1).

Stiffness variance of the directly embedded foundations alsanflasnice on mode
shapes for the vibrating poles (Figure 4.12). When there is a bigeplscy in soil

spring stiffness, such & = 0.5 (ksi) andEg = 15 (ksi), normalized displacements of
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the same modes do not have same shape functions. This is eggeagalior higher

modes that are sensitive to boundary conditions.
4.4 Development of simplified FE models for transmission pole structuse
4.4.1 Coupled system of the transmission structure

The interaction between support structures and cables in traismiggls is very
complicated. Measurements from a full-scale transmission ttvaee indicated that
conductors affect vibration of the towers (Momomura 1997). The longhspgafeature
of transmission lines makes it difficult for physical expentagions. Due to cost and
safety associated with large scale testing, numericalysamais widely used by
researchers to study dynamic characteristics of transmisstructures. Detailed
modeling, can also be time consuming and computationally expensive, lessagchers
have proposed various methods to study the coupled system of traosriiress, which
consist of support structures (towers or poles) and cables. Ozono suggested
simplified models for in-plane vibration of transmission systemzo(O et al. 1992;
Ozono et al. 1988), where conductors were modeled as massless.spasgd on
structural characteristics of the transmission line, Lalet(2005) proposed simplified
models for in-plane and out-of-plane vibration of the transmission timeesystem. The
coupling effects for the out-of-plane model are mainly refte@e rigidity matrix while
mass matrix is main modification for the in-plane model when densg conductor

influence (Li et al. 2005):

[M] = [[M]line [M] tower]T
out-of-plane vibratiort'K] _ [Kline  [Klcoupling (4.6)

[K] £oupling [K] tower
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[M]ine [M] coupting
(MIEoupiing ~ [MItower l
[[K Liine [0] ]
[0]"  [Kltower

[M] = l

in-plane vibration: (4.7)

[K] =
where[M] and [K] are mass and stiffness matrices of the coupled sy$iip;,,., and
[Kliower @re mass and stiffness matrices of the tower, respectiy#y;;,. and
[K]ine are mass and stiffness matrices of cables; [#d,ypiing and [K]coupiing are
mass and stiffness matrices generated by tower-line interactions.

For the purpose of structural dynamic analysis under earthquakes,ali (2005)
further simplified conductor effects by adding ma&s.. The comparison study
performed on this approach demonstrated acceptable accuracyidimicseasponse
computation.

Considering the fact that both blasting and earthquakes introduce ttorgatsver
grids through exciting support structures (towers or poles), thplised models put
forward by Li et al. (2005) have promising application in pole dynaesponse analysis
under blasting induced ground motions. Their models were tailoreddtyca soll
springs to investigate boundary effects.

4.4.2 Characterization of pole direct embedment foundations

The Spectral Analysis of Surface Waves (SASW) technique wasoged as an in-
situ seismic testing method. Applications of this nondestructitemgetechnique have
been found in various fields, such as pavement (Nazarian et al. 1288praarete (Cho
2003). Chen et al. introduced the SASW technique into the transmis&autvey and
design (Chen et al. 2004; Ong et al. 2006). Their research inditetgubtential of

applying such a methodology for the power industry.
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The SASW method depends on the measurement of Rayleigh wave propageation

a wide range of frequencies. Schematic figure (Figure) &A48ws a typical field test
setup. A vertical excitation at the ground surface genetraiesient surface waves. Two
receivers are placed on the ground surface to record thesedexaites. The spacing of
these two sensord.) is equal to the distance between the impact source to thesineare
receiver. Each recorded time series signal from theivexs is transformed into
frequency domain by Fourier transformation. The phase difference betm@sighals is
then determined and travel timg between the two receivers at each frequency can be

obtained as (Ong et al. 2006):
t=— (4.8)

where@ is phase difference at a given frequeficy
The surface wave velocity) can be obtained from Equation (4.9), whéres
distance between the two receivers.

V, = 4.9

L
t

The corresponding wavelength) (s determined by:
A== (4.10)

Calculations are performed at each applied frequency and meslidersion curves.
These dispersion curves are then used to determine the themkétaalwave velocity
profiles through an iterative process of fitting the experimetispersion curve to the
assumed theoretical shear wave velocity curve. The theorstiear wave velocity
profile corresponds to the maximum shear modulus at small strathe tdst site (Kim

et al. 2001).
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When the SASW testing is performed at the vicinity of thébended pole, the

resultant shear wave velocity is assumed to approximatelyabedithe quality of
embedment foundations. The mean shear wave veldgjtyfrom SASW testing was

calculated using:

7, = L=l (4.11)

St
whered; andV; are thickness and shear wave velocity for each layer, resggctin is
the number of layers.

Although the testing depth did not reach 100 ft, NEHRP site dlzetsoin (BSSC
2004) was referred to define soil property of the testing locafibe. resultantl, is
1480.55 fps and the site is classified as very dense soil. Elagstaat £;) of the soil
springs along embedded pole was estimated as 160 ksi.

4.4.3 Numerical analysis of the coupled transmission pole-line systems

Modal analysis of the tested operational transmission lines evatucted using the
finite element method. Eighteen different models with varied degfedetails were
created (Table 4.7). The coupled transmission line sections witkgans of conductors
in the models were created either through detailed modeling (jadllesables, insulators,
and arms) or using simplified models proposed by Li et al. (2005), which count conductor
effects into the models by adding mass calculated from:

Am = f()x1xq (4.12)
whereAm is the additional mass of the pole when considering conductor effestde
horizontal distance between two polegjenotes the conductor mass of a unit length; and
f () is a factor determined from Equation 4.13:

out-of-plane:
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O.17+3l/20010 soft
f() =4 021+Y100, mid—hard (ff()>07, thenf() =07)  (4.13)
L 035+ Y50, hard
in-plane:
ﬂD=05+5%-anSMS Gf(D) > 1.0, thenf (1) = 1.0) (4.14)
0

in which [, is the limit span; when the span exceed this value, cabldsffeed to be
considered. For examplR=656.00 feet for the mid-hard site.

Using ANSYS (2007), the pole structures were modeled with tapesed blements
(BEAM189) for all the models. For the coupled pole-line systehescables, including
conductors, shield wires, and guy wires, were modeled with tensiortroisky element
(LINK10); insulators were generated with uniaxial spar eler(leinNkK8); and arms that
connect insulators and pole structures were modeled with elastim kelements
(BEAM4) or spar element (LINK8), depending on the joint type. WISSI is
considered, no-mass spring elements (COMBIN14) were added tantipered beams’
nodes along the pole burial length. Geometric and material inflormédr these two
poles either provided by the industry partner or through available dotatioa (Bansal
et al. 1995; Kalmam et al. 2007; Kumosa et al. 2002; McClure and Lap2D0e;
Shehata et al. 2005) were referred to. These propertiedistetein Tables 4.8 and 4.9.
From SASW results, the testing site was determined to bessilff Therefore, in the
models of CPE, CPF, SPG, SPH, SPI, SPJ, SPK and SPL, additicsslfantor was
calculated from Equation (4.13). Solil elastic constag) (vas estimated as 160 ksi for
the soil springs in the models that considered SSI (CPB, CPB, 8B, SPD, SPF,

SPH, SPJ, SPL).
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Pole-line system models were shown in Figure 4.14. Modal analysisdinectly

conducted for the isolated pole models (CPA, SPB; SPA, SPB, SPGRidYll and
simplified pole-line system models (CPE, CPF, SPG, and SPH)ddtailed pole-line
system models (CPC, CPD, SPE, and SPF) and the guyed stesttpctiere (SPC, SPD,
SPI and SPJ), nonlinear static analyses were first conducted to sag th¢amatalastors,
shield wires, and guy cables of the steel pole) (Figure 4.1A4& s@g-to-span ratio was
estimated from maximum sag divided by span of the cable. Tiheasia values for
conductors were approximately 0.04 and 0.03 for shield wires in CEC/aRlels. In
SPE/SPF models, the sag ratio values were 0.05 for conductors andrGBi2id wires.
Mass elements (MASS21) were added at the nodes where callesct the main
structure in the simplified models (CPE, CPF; SPG, SPH, SB|, S and SPL). The
guy cables in models SPK and SPL were further simplifiesirage tension-only truss
elements (LINK10). The Block Lanczos eigenvalue solver, using theziog algorithm
in which the Lanczos recursion is performed with a block of vectas, then used in
afterward modal analysis (ANSYS 2005).

Numerical analysis results show strong coupling phenomena for hothed
structures. Cable vibration dominated in lower modes, which can led ¢edlble leading
modes” (Figure 4.15). The cable components (shield wires, conductors and gsy aable
the coupled system vibrated locally and their dynamic effeatssinitted to the pole
structure. The main structure (pole) vibration at lower modesnot®asily identified
due to significant cable deformation. These “cable leading mpteged important role
in dynamic analysis of electric transmission structureseunadnd loads. At higher

modes, however, local vibration of the pole structure dominated, which dcamiet as
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“pole leading modes” (Figures 4.16-4.17). An interesting observatiorthaast certain

modes whose frequency was close to the frequency of uncoupled mpcterst models
(without considering cables), cables almost kept stationary wieanwere away from

the main structure (Figures 4.16-4.17). The eigenfrequencies oh-blane vibration

were usually smaller than the out-of-plane counterparts at the isextle shapes, which
agreed well with the theory proposed by Li et al (2005). Thesk leading modes” are
expected to be interested in the study of dynamic responses ajupked transmission
structure under ground movements, such as earthquakes and blast induced ground
motions.

The coupling issues make free vibration of transmission lines @lerpnproblem.
Around eigensolutions of the isolated pole vibration, there were usaathyster of
dominant frequencies. Various possibilities of the cable vibrationreaffaifferent
coupling scenarios with designated main structure vibration modes.irntheased the
difficulty in identifying vibration mode, especially in lower modes. Figi#E8 shows the
first bending mode of pole structures coupled with cable vibrationer@ift cable
vibration coupled with the pole cantilever deformation at severané&igguencies for
both in-plane and out-of-plane vibrations. This phenomenon offered an exqmtatoatine
guestion of why the first bending mode could not be easily identifigtia full-scale
modal testing. The coupled steel pole-line system demonstrated coomplicated
dynamic behaviors because the steel pole-line has more componergss{neld wires,
more conductors, more insulators, and additional guy cables) involved irtionbra
Figure 4.19 compares vibration modes in which the pole structureiriar $ending

shapes while natural frequencies vary due to shield wire/conductorirgpuplhe
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frequency for the steel pole-line system included in the digannot be claimed as the

only eigenvalue of that particular mode. This coupling is alsoctefiein the modal
experiment conducted on the steel pole: it is of little confiderceddtermine
eigensolution from the simple peak picking method in analyzing system FRFs.
Simplified models were generated by following the approach proposéd &t al
(2005): Table 4.10 lists the additional mass calculated from Equatidi®) @nd (4.14).
These models can greatly reduce computation time and afterwdydiamdforts. Figure
4.20 shows the first four modes of simplified concrete pole model.d=#@d gives the
second to the fourth modes of the simplified steel pole with gurgswBecause of the
coupling effect between the main structure (steel pole) and theahles, some lower
bending modes have multi-eigenfrequencies, as shown in Figure 4.22. Again,
coupling issue makes it difficult to claim a sole eigen-frequefioc certain vibration
mode. When the guy cables were simplified into one-tension-only-tnasels (SPK,
SPL), all the modes are pole leading modes; so the steel pole berulileg were easily
identified. Figure 4.23 shows the first in-plan vibration results frdf.SOut-of-plan
vibration mode shapes were similar to the in-plan for the same ,nmde the
eigenfrequencies were different due to different additional masses atvioedieections.
For models with soil springs, natural frequencies at the samatioibrmodes
decreased a little compared to those models in which soil efferts not considered.
Mode shapes, however, did not change much at the same mode. The soilywstgfve
where the poles were embedded; so coupling effects demonstratest grib@ence than
the fix-end assumption for eigensolution variation for the studiednhiaa®n lines. The

method developed by Li et al. (2005) have included the soil effecgdoglassification,
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simplified models established by following this approach seetodae able to yield

relatively accurate results without adding soil springs atetnbedded portion of the
pole.

Table 4.11 sums up the frequencies obtained from both modal testing andgcalimer
analysis of different FE models. The first bending modes were tettdd because the
coupling made it difficult to claim a sole frequency solution dotertain mode shape.
Numerical solutions for the concrete pole system correlated widtl experimental
results. When the concrete pole was modeled as an isolatedirgr(€PA and CPB),
frequency values were larger than the corresponding experinyentightified
frequencies. When cable effects were included in the models 88 CPD), calculated
frequencies became closer to testing results. This improvemeictites that if more
accurate solutions are expected, modeling the pole structurk igsabt adequate.
Simplified pole system models (CPE and CPF) built followingtLale (2005) showed
better results than the isolated pole models (CPA and CPB). Deefreiquencies
computed from CPE were close to both experimental results andossldtom the
detailed coupled system model (CPC), which suggested potential tisie afodel for
future structural dynamic response analysis. These conclusionsweteobvious for the
steel pole system. Based on available observations, simplifiedsneide guy included
(SPI) seemed to be able to provide relatively accurate resithsless computation
efforts.

4.5 Discussions
Impact modal testing was performed in this study on both thetesofle and the

pole-line system. It was found that the coupling between the pole andhleeincreased
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difficulties in deriving modal behaviors of the main structuréhim pole-line system. For

simplicity, only a part of the power grid (two line spans witlingle pole) was modeled.

The boundary conditions of the conductors in the detailed pole-line sysbei@ls were

assumed to be fix-supported in this study. Optimizing the boundary condaiamdude

influence from neighboring structures in the grids may increase the egafnraumerical
results, which needs further investigation. FE modeling offers aeffesttive way to
study large scale structures. But modeling uncertaintieprrelems faced by most
researchers. For in-situ structures, although most of theimjputnation can be obtained
from design documentations, they may not exactly reflect astuedtions. Modulus of
elasticity in the concrete pole model, for example, may vamn fits design value
because of the prestress effects. Damping was not considetiee modeling due to
difficulties of determining its value. But it is a signditt factor in structural dynamic
response analysis and should be included in future studies.

4.6 Summary
In this chapter, modal behaviors of the transmission structures suugteed both

experimentally and numerically. According to research resuksfallowing conclusions

can be drawn:

(1) Soil-structure interaction needs to be considered in dynamicsanalfythe isolated
direct embedded pole structure. The embedded single pole can tesl tasaa
cantilever beam, but the fix-end assumption may not always provide sound solutions.

(2) SASW is a NDT technique that can be easily employed inrsitesiigation. It can

supply necessary information to quantify the soil property to a reasonable degree.
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(3) Transmission structures have a strong coupling issue between tmaitures and

cables. FE models only considering the pole itself yield natwaliéncies that differ
from the physical testing results. For example, tfi¢ Bending mode in-plane
frequency of CPA is 11.31% difference from modal testing results (Table 4.11).

(4) Detailed FE models of the coupled pole-line system vyield irsighit coupling
phenomena. Both the “cable leading mode” and the “pole leading mode” were
observed in the analysis. The coupling issue made it difficidpecifying natural
frequencies for certain modes.

(5) Simplified models proposed by Li et al. (2005) are good candidatesdoeling the
coupled pole-line system. The lower mode natural frequencies c¢attdtam the
simplified models of the studied pole-line system were close to experirdatdaand
detailed modeling results.

(6) The simplified analytical method suggested by Li et al. (200%) s&mi-empirical
model. It has included the soil effects by site classificatieamce does not need
additional soil springs. Since blast induced ground vibration usuallyhleasaime
excitation mechanism with earthquakes, the simplified model hapdteatial in

dynamic response calculations of transmission structures under the ldagj.loa
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® Sensor location  (a): cross section of the butt (e): simple-supported pole modal testing
® Impact points  (b): cross section of the ground line  (e): suspended pole modal testing

Back

(¢): cross section of the tip (F): embeded pole modal testing

Figure 4.1: Modal testing set-up

(a)

Back

rﬂ ® Sensorlocation {a) Sensor location and impact points
@ Impact points (b): Field testing of a embedded pole

(b)

RNNEY

Figure 4.2: Field testing of an embedded concrete pole
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Concrete pole in-plane vibration
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Figure 4.16: Representative pole leading modes of the coupled concrete polsténe sy



90

Steel pole out-of-plane vibration
Mode 344, * bending mode
Frequency=6.55

Steel pole in-plane vibration
Mode 343, 2 bending mode
Frequency=6.54 Hz

,T Pole defarmation

Steel pole out-of-plane vibration
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Figure 4.17: Representative pole leading modes of the coupled steel pole-line syste
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Concrete pole out-of-plane vibration
Mode 81, 1* bending mode
Frequency=1.38 Hz

' Pole deformation

Concrete pole in-plane vibration
Mode 83, 1* bending mode

Close view
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Figure 4.18: Various®ibending mode
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Figure 4.19: Varied eigenfrequencies at the similar vibration mode
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Table 4.1: Tested prestressed concrete poles

Name Tested pole Boundary condition

CP1 A 95 feet height isolated concrete po&mple-supported

CP2 A 35 feet height isolated concrete paBuspended

CP3 The same 35 feet pole used above Embedded with soil as back-fill
CP4 The same 35 feet pole used above Embedded with gravel as back-fill

Table 4.2: Identified natural frequencies

Test Frequency Description

2.51 (Hz) 1st bending mode of the simple-supported 95 feet pole
CP1 8.13(Hz) 2nd bending mode of the simple-supported 95 feet pole
13.87 (Hz) 3rd bending mode of the simple-supported 95 feet pole

13.37 (Hz) 1st bending mode of the suspended 35 feet pole
CP2 36.33 (Hz) 2nd bending mode of the suspended 35 feet pole
69.66 (Hz) 3rd bending mode of the suspended 35 feet pole

3.30 (Hz) 1st bending mode of the soil back-filled embedded 35 feet pole
CP3 15.28 (Hz) 2nd bending mode of the soil back-filled embedded 35 feet pole
39.36 (Hz) 3rd bending mode of the soil back-filled embedded 35 feet pole

3.30 (Hz) 1st bending mode of the gravel back-filled embedded 35 feet pole
CP4 15.18 (Hz) 2nd bending mode of the gravel back-filled embedded 35 feet pole
39.46 (Hz) 3rd bending mode of the gravel back-filled embedded 35 feet pole

Table 4.3: Eigenvalues identified from modal testing

. 1*' bending 2" bending 3“bending  # bending
[P=y
Testing results or mOde'°|n* out InF _outt It outr It out*
Concrete pole (OCP) - - 6.106.71 15.26 17.09 30.52 31.74
Steel pole (OSP) - - - - 8.54 - - -

* In— in-plane-vibration; Out— out-of-plane vibrati; unit: Hz.

Table 4.4: Material property

Material Young's Density P0|s§on S Constitutive law and failure criterion
Modulus ratio
Concrete 5466.30  0.000225 v=0.20 Multi-linear o-¢; considering cracks
(ksi) (Ib-</in% o f :=11000.00 (psi)
Prestress 29000.00 0.000734 ve=0.27 Bilinearc-¢
strand (ksi) (Ib-</in% s f,,=250000.00 (psi)
Spiral 29000 .00 0.000732 =0.27 Bilinearc-¢
wire (ksi) (Ib-</in% W f,= 65000.00 (psi)
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Table 4.5: Geometry input information

Portion Le_ngth Cross section diameter (in) Wire volume ratio
(in) (%)
1 H1=138 DB1=31.59 DB2=23.81 DB3=28.59 ul=0.594
2 H2=966 DG1=29.11 DG2=21.60 DG3=26.11 u2=0.280
3 H3=36 DT1=11.07 DT2=5.57 DT3=8.07 u3=0.781

Table 4.6: Input information for the isolated concrete pole FE model

Length Butt cross section  Tip cross section Material properties
(in) diameter (in) diameter (in) prop
Buried Above . , . . E p

portion  ground Inside Outside Inside  Outside (si) (lbm/in3)
66.00 354.00 10.35 15.85 4.05 9.55 7000.0000023

Table 4.7: FE models used in numerical analysis

Model Structural configuration

CPA FE model of the isolated concrete pole

CPB  FE model of the isolated concrete pole considering SSI

CPC FE model of the concrete pole-line system

CPD FE model of the concrete pole-line system considering SSI

CPE FE model of the isolated concrete pole with added conductor mass

CPF  FE model of the isolated concrete pole with added conductor mass and SSI

SPA  FE model of the isolated steel pole

SPB  FE model of the isolated steel pole considering SSI

SPC  FE model of the guyed steel pole

SPD  FE model of the guyed steel pole considering SSI

SPE  FE model of the steel pole-line system

SPF FE model of the steel pole-line system considering SSI

SPG  FE model of the isolated steel pole with added conductor mass

SPH  FE model of the isolated steel pole with added conductor mass considéring SS

SPI FE model of the guyed steel pole with added conductor mass

SPJ FE model of the guyed steel pole with added conductor mass considering SSI

SPK  FE model of the steel pole with added conductor mass and 4 simplified guy-line

SPL  FE model of the steel pole with added conductor mass and 4 simplified guy-line
considering SSI




Table 4.8: Parameters of the concrete pole-line system

ltems Values
Overall length (ft) 60.00
Embedment depth (ft) 8.00
Density (Ib/ff) 160.00
Modulus of elasticity (ksi) 6021.90
Line parameters

Left span length (ft) 1059.00
Difference in elevation at the left span (ft) 22.00
Right span length (ft) 1119.00
Difference in elevation at the right span (ft) 52.00
Conductor parameters

Nominal cross-section diameter (in) 0.74
Weight per unit length (Ib/ft) 0.43
Modulus of elasticity (ksi) 8700.00
Shield wire parameters

Nominal cross-section diameter (in) 0.38
Weight per unit length (Ib/ft) 0.27
Modulus of elasticity (ksi) 25800.00
Insulator parameters

Overall weight (Ib) 4.00
Estimated modulus of elasticity (ksi) 6525.00

Arm parameters

Overall weight per arm combination connection (14)20

Modulus of elasticity (Ib)

6525.00

96
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Table 4.9: Parameters of the steel pole-line system

Steel pole parameters

Overall length (ft)

Embedment depth (ft)

Density (Ib/ff)

Modulus of elasticity (ksi)

Line parameters

Left span length (ft)

Difference in elevation at the left span (ft)
Right span length (ft)

Difference in elevation at the right span (ft)
Conductor parameters

Nominal cross-section diameter (in)
Weight per unit length (Ib/ft)
Modulus of elasticity (ksi)

Shield wire parameters

Nominal cross-section diameter (in)
Weight per unit length (Ib/ft)
Modulus of elasticity (ksi)

Guy wire parameters

Nominal cross-section diameter (in)
Weight per unit length (Ib/ft)
Modulus of elasticity (ksi)

Insulator parameters

Overall weight (Ib)

Estimated modulus of elasticity (ksi)
Arm parameters

105.00
12.50
490.00
29000.00

1093.00
23.12
1139.00

62.67

0.57
0.77
8700.00

0.46
0.25
25800.00

0.50
0.66
25686.00

10.00
6525.00

Overall weight per arm combination connection (165.00

Modulus of elasticity (Ib)

6525.00

Table 4.10: Additional mass in the simplified FE models

Shield wire additional mass (Ib-m) Conductor additional mass (Ib-m)

Concrete pole In-plane
Out-of-plane 0.17
In-plane
Out-of-plane 0.33

Steel pole

0.75Steel pole

0.39 Concrete pole In-plane 0.62
Out-of-plane 0.28

In-plane 2.27

Out-of-plane 1.01




Table 4.11: Eigenvalue comparison between different models
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. 1®'bending 2°bending 3 bending 4 bending
Testing results or models I outt In* out* In* _out - outt
Concrete pole modal testing - - 6.10 6.71 15.26 17.09 30.52 31.74

CPA 149 149 6.79 6.79 17.18 17.18 32.46 32.46
CPB 1.45 145 6.58 6.58 16.60 16.60 31.33 31.33
CPC - - 6.06 6.65 15.64 16.68 31.99 32.07
CPD - - 592 6.45 15.35 16.28 31.18 30.97
CPE 1.17 1.32 6.15 6.45 14.87 16.03 27.78 29.75
CPF 1.14 1.28 5.97 6.25 14.45 15.54 26.84 28.76
Steel pole modal testing - - - - 8.54 - - -
SPA 1.20 1.20 4.92 4.92 11.99 11.99 22.36 22.36
SPB 1.18 1.18 4.84 484 11.79 11.79 21.97 21.97
SPC - - 741741 12.01 12.01 22.83 22.83
SPD - - 7.32 7.32 11.83 11.83 22.45 22.45
SPE - - 6,54 655 9.27 10.5120.94 23.82
SPF - - 6.536.63 9.18 9.79 20.6321.22
SPG 0.60 0.78 3.37 3.97 8.26 9.38 15.5118.20
SPH 0.59 0.77 3.33 3.91 8.12 9.24 15.3417.94
SPI - - 513 6.23 899 9.64 15.7018.64
SPJ - - 5126.20 8.81 945 15571841
SPK 1.10 1.47 5.02 6.12 8.96 9.64 15.6818.53
SPL 1.10 1.47 5.02 6.10 8.78 9.45 15.5418.30

* In— in-plane-vibration; Out— out-of-plane vibrati; unit: Hz.



CHAPTER 5: SPECTRUM ANALYSIS OF TRANSMISSION POLES

5.1 Introduction

Spectrum analysis is to calculate maximum structural respdoased on design
spectrum and structure modal characteristics. For example mmaxidisplacement
response|{x(t)}|,nax) for therth mode can be calculated as (Tedesco et al. 1999):
{x (O} max = HPH T (Sa)r (5.1)
where {®}, is mode shape of theh mode;(S,;), is spectral displacement for thth
mode, which can be determined from response spectrum;,aml the earthquake

participation factor and is determined as (Tedesco et al. 1999):

(o} ml{}
b = oy i), (5.2)

in which {m} is mass matrix an@l’} is unit vector. Contributions from each mode are
determined directly from maximum responses at a particukgquéncy. The total
structural response is then obtained from a combination of modal maxitimathe
square-root-of-the-sum-of-the-square (SRSS) method or the compleiiipa
combination (CQC) method. SRSS renders accurate approximationstriictursl

systems, exhibiting well-separated vibration frequencies, and is given as:

Ryax = / Irjle% (5.3)
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whereR,,,, is the maximum value of a particular response such as displa;gtpas

the peak value for theth mode; ando is the number of modes involved. The CQC

method is a good approach for systems with closely spaced modes and is expressed as:

Rpax = \/271;1 Zf=1 R, BsR; (5-4)

whereR,. andR; are peak values of a particular response fortthandsth mode. B, is

given as:

_ 8¢%2(1+mn
TS T (1412)2+4¢2n(14n)? (5.5)

where( is a constant modal damping;is the ratio of circular frequencies betwestm
mode andth mode.

In this chapter, spectrum analysis of two pole structures (@&P) in operation
power lines was performed using two FEM packages, AL&@mrd ANSYS. The aim
of using two FE software is to ensure that embedded numericgratiten schemes
provide identical and compatible results. The FE models for the poles are thpkesim
models discussed in Chapter 4. Response spectra designed based wemesds at
Chapter 3 were used as input excitations. Structural responses oftpaiires at
various blast limits based on different levels of peak particlecitg criteria were
guantitatively investigated. The results were then used to compdhe design
requirements in Chapter 7 to develop a reasonable blast limit.

5.2 Spectrum analysis of transmission poles
5.2.1 Spectrum analysis with ALGOF
Spectrum analysis was first performed using ALGORor simplicity, only pole

structures were modeled and all accessories, including conductasndgtines,
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insulators, and guy wires were ignored in the ALGGE models. The parameters of

these two structures (OCP and OSP in Chapter 4) used in the madeliigged in Table
5.1.

FE models of the two poles are shown in Figure 5.1, where the comulet was
modeled by using 312 BRICK elements, while the steel pole magkekveated with 444
elements (ALGOR 2007).

Modal analysis was first performed to derive natural frequeramiésmode shapes.
Natural frequencies of the first four modes are listed inél&l®2. Spectrum analysis is a
restart-calculation in ALGOR The design response spectrum (Figure 3.21) based on 2
in/s PPV was imported as acceleration versus period. The resdispdcement and
maximum principal stress distribution along the pole were draviigures 5.2-5.9. The
maximum values were identified and summarized in Table 5.2.

Natural frequencies of pole structures calculated from AL&Q®re close to
experimental results (Table 4.3), especially for the congelie Conductors and other
accessories were not included in the ALGORE models. Further analysis with
ANSYS®, would take the effects of these accessories into account.

5.2.2 Spectrum analysis with ANSY$

Based on modal behavior comparison, simplified models were proposed poteom
structural responses of pole structures caused by ground vibratiolCligpéer 4 for
details). Conductors and other accessories were considered irotle loy additional
mass elements (MASS21) (Figure 5.10). Tapered beam elem&AsIEB) were used
to model pole structures while guy lines were modeled by triesseats (LINK10)

(ANSYS 2007).
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Spectrum analysis was performed by importing design responseaspectwo

horizontal directions (in-plane and out-of-plane) and vertical direclitwe. in-plane
horizontal direction is parallel with the power line whereasatheof-plane direction is
perpendicular to the power line. The mode combination method for the @potetwas
SRSS whereas the CQC method was used for the steel pole mobdmatmn. 0.02
damping ratio was assumed in calculation for both poles. At the resppestrum
designed based on 2 in/s PPV, the resultant first principal sistsibutions are shown
in Figures 5.11 and 5.12. Maximum displacements and reaction fdartes fax end are
listed in Table 5.3.

It is found from ANSY$ that the maximum displacements for both poles (0.14 in for
the concrete pole and 0.12 in for the steel pole at 2 in/s PPVianjterre less than
ALGOR?® results (0.19 in for the concrete pole and 0.20 in for the steel pdiejeas
maximum first principal stress values from ANSY@re larger (331.54 psi for the
concrete pole and 1445.00 psi for the steel pole at 2 in/s PPVam)teFor practical
purpose, they are considered reasonably close. ANS¥&lts seem to indicate more
rigid structures because of considering conductor effects.

Following the same analytical procedure, different responsetrapeere designed
based on different target PPV criteria. With these designesdrapes input excitations,
spectrum analyses were performed on transmission pole struéig@®s 5.13 and 5.14
show the concrete pole first principal stress states under resppestra designed based
on 4 in/s PPV or 5 in /s PPV criteria, detailed resultssaremarized in Tables 5.4 and

5.5.
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The calculation also shows that at the material level, the e@ng@ole is more

vulnerable than the steel pole. In order to find a uniform blast, Imore attentions were
given on the analysis of the concrete pole. One of the currentgsse] concrete pole
classification methods is based on the standard wood pole equivalegh. d€ke
common pole height is within the range of 30 feet to 125 feet. iMgthncreasing of its
height, the pole becomes less rigid. At the same height, avigthe& larger number is
assigned to the pole with a greater cross dimension. For iasfanthe height of 30 feet
pole, H has the tip outer diameter 11.35 in, which is less thacl&ss (the tip outer
diameter 13.15 in). Spectrum analysis was then performed with diff@gponse spectra
designed based on various PPV criteria on the most rigid concrietg\Wood Pole
Class: 30-1) and the least rigid concrete pole (Wood Pole Ql25<%) and the typical
first principal stress state results are shown in Figure 5.15.
5.3 Summary

Spectrum analyses of two pole structures in operation power lirt&3, (OSP) were
performed using two FE software (ALGBRNd ANSYS). Pole structural responses of
at the blast limit based on current 2 in/s peak particle \tglodteria were quantitatively
investigated. Through designing different target spectra wittows& PPV criteria, pole
dynamic responses at different levels of PPV were obtainedtr8peanalysis was also
extended to other commonly used prestressed concrete poles. Stmaspoailses of the
most rigid pole and the least rigid pole under target responseassplesigned based on
various PPV blast limits were obtained. The results from thiptehavould be used to

compare with design requirements in Chapter 7 to develop a reasonable blast limit.
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(b)
Figure 5.1: Pole models generated in ALGDR) concrete pole (OCP); (b) steel pole
(OSP)
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Load Caze Resultant of 20
Frequency: Mot Avaiiable
Masimum Value: 019563 in

numnn 128420 2 A% AT 25

hanimum vaue: 0 in E—
Figure 5.2: Concrete pole (OCP) spectrum analysis results at 2 in/s iRi?Mrer
displacement under the horizontal excitation (Maximum Value=0.196 in)
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Load Case. Resutant of 20

Frequency. Not Avallabke
Mamimum Yalue 286 903 Ibiin*2)

.00 123004 n 247 poR ITTN2
Minimum Value: 7 25868 kifin*2Z)

Figure 5.3: Concrete pole (OCP) spectrum analysis results at 2 in/srieét\on: first
principal stress under the horizontal excitation (Maximum value=256.903 fsf/(in
Minimum value=7.259 Ibf/(if))




Load Case. Resuitant of 20
Frequency Mot Available

Madmum Value 000810019 in
0o pra Ll ] i 207 ¥ A BT

Minimum aiue 0 in “

Figure 5.4: Concrete pole (OCP) spectrum analysis results at 2 in/SiRiP\drT
displacement under the vertical excitation (Maximum Value=0.008 in)
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Load Case Rasuitant of 20
Freguancy: Mot Avallable

Mamum Value: 108516 Ibbin2)
LT AT 184 in 84384 o8 242

Mirimum Yalue: 50859 i) E—
Figure 5.5: Concrete pole (OCP) spectrum analysis results at 2 in/srieét\n: first
principal stress under the vertical excitation (Maximum value=108.516 ff/(in
Minimum value=5.089 Ibf(if))
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Load Case: Resultant of 50
Frequency: Mat Avallable

Maximum Yakee: 0125389 In
0o preges] in AT AT e

Minimum value: 0in E—
Figure 5.6: Steel pole (OSP) spectrum analysis results at 2 in/s R&\Ori
displacement under the horizontal excitation (Maximum value=0.196 in)
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Load Case Resultant of 30

Froquenty MO Al

Madamum Value 622 271 B{e©Z)

b I3 an AR L
Mrumum Valse: 25 TT7 bign2) m
Figure 5.7: Steel pole (OSP) spectrum analysis results at 2 in/s RENOrifirst
principal stress under the horizontal excitation (Maximum value=822.271 f/(in
Minimum value=29.777 Ibf/(if))
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Losd Case Resutant of 40
Frequency ot Avalabie

Masirurm Vel 00157051 in
.00 220 0 - bl 153 0 i

Mnimum Valee 0n m
Figure 5.8: Steel pole (OSP) spectrum analysis results at 2 in/s R&\Ori

displacement under the vertical excitation (Maximum value=0.016 in)
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Load Case: Resultant of 50
Frequency Mot Zwakbie
Mzimuen Value' 556 773 BRTNCT)

Mirirmum Value: 201151 BE{in"2) D%E
Figure 5.9: Steel pole (OSP) spectrum analysis results at 2 in/s RENOrifirst
principal stress under the vertical excitation (Maximum value=556.773 ff/(in
Minimum value=20.115 Ibf/(if))
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' & & A._v
Concrete pole model Steel pole model

f'_______ Additional mass
Te— T~ LN

Guylines

Figure 5.10: Pole FE models in ANASYS
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(a): » direction excitation (Horizantal)

Maximum value=331.54 psi

I S
[i] T73.675 147.35 221.025 294,701
36.838 110.513 184. 188 257863 331,538

B

Maximum value=324.35 psi

{b): ydirection excitation (Horizontal)

o T2.077 144.154 216,231 288.307
36.038 106.115 1ED. 192 252. 269 324. 3456

MH

Maximum value=138.39 psi

(c): zdirection excitation (Vertical)

30.753 al.505 92.258 123.011
15.376 46. 129 76. 882 107. 634 136. 387
Figure 5.11: ANSYS results of first principal stress at 2 in/s PPV ioritéor the
concrete pole (OCP)
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666, 167

10&&
832634 1199

¥ Maximum value=1445.00 psi

2 963,39
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Figure 5.12: ANSYS results of first principal stress at 2 in/s PP¥rioit for the steel pole

(OSP)

1285
1445

115



116

(&) x direction excitation
[(Horizontal)

Maximum value= 674.03 psi

IMaximum value=661.40 psi

(b):y direction excitation (Horizontal)

ic): zdirection
excitation (Vertical)

Maximum value=276.81
psi

—— I I
] 61,512 123. 026 104, 54 246,053
10,787 92,27 153, 783 215. 296 276, 81

Figure 5.13: ANSYS results of the concrete pole (OCP) first principal stress at 4 in/s
PPV criterion
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Maximum value=842 &% psi

(a):x direction excitation (Horizontal)

Maximum value=E826.B5 psi

(b):y direction excitation (Horizontal)

TE ] ' ] 14, 973
L. B7; S, 635 45%. 358 43, 103 B26. 845

Ic): zdirection excitation
iWertical)

Maximum value=346.70 psi

— | —
0] 7. 044 154. 08% 231, 133 T08. 477
18, 522 115, 566 192, 511 ZE9.E55 346, 637

Figure 5.14: ANSYS results of the concrete pole (OCP) first principal stress at 5 in/s
PPV criterion
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Response spectrum
designed based on
Sin/sec PPV

125 ft concrete pole

Response spectrum
designed based on
4in/sec PRV

30t concrete pole

154, 08

20, 5E 442,583

Figure 5.15: Typical spectrum analysis results of different types of cerpukds
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Table 5.1: Model parameters for the pole structures

Parameters Concrete pole (OCPgteel pole (OSP)
Overall length (ft) 60.00 105.00
Embedment depth (ft) 8.00 12.50

Density (Ib/ff) 160.00 490.00

Modulus of elasticity (ksi) 6021.90 29000.00

Tip outer diameter (in) 9.55 10.13

Tip inner diameter (in) 4.55 10.06

Butt outer diameter (in) 20.35 35.69

Butt inner diameter (in) 15.35 35.32

Table 5.2: Modal analysis and spectrum analysis results fromORGat 2 in/s PPV
criterion

Concrete pole (OCP) Steel pole (OSP)
Natural frequency (Hz)* 1 1.46 Natural frequency (Hz)* 1 1.17
2" 6.64 2° 4.82
3 16.82 F 1177
4" 31.86 £ 21.99
Maximum displacement (in) X 0.19 Maximum displacement (in) X 0.20
Z 0.008 Z 0.016
Maximum T' principal stress X  256.90| Maximum ' principal stress X  822.27
(psi) Z 108.52| (psi) Z 566.78
*All modes here are bending modes.
Table 5.3: Spectrum analysis results from ANS¥WS?2 in/s PPV criterion
Concrete pole (OCP) Steel pole (OSP)
Maximum X 0.13in Maximum X 0.11in
displacement Y 0.14in displacement Y 0.121in
Z 0.01in Z 0.04in
Fix-end Fx 1392.10 Ib Fix-end Fx 922.34 Ib
reaction My 120520.00 Ib-in  reaction My 134830.00 Ib-in
Fy 1447.70 Ib Fy 879.68 Ib
Mx 124990.00 Ib-in Mx 127490.00 Ib-in
Fz 17158.00 Ib Fz 18630.00 Ib
Maximum ' X 331.54 psi Maximum 3 X 1293.00 psi
principal stress Y 324.35 psi principal Y 1119.00 psi
Z 138.39 psi stress Z 1445.00 psi

Note: (1) X ,Y and Z are excitation directions; EX-end reactions are the maximum reaction force.
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Table 5.4: Spectrum analysis results at 4 in/s PPV criterion

Concrete pole (OCP) structural response under 4 in/s PPV criterion

Maximum displacement X 0.27 in
Y 0.29in
z 0.02in
Fix-end reaction Fx 3164.90 Ib
My  246080.00 Ib-in
Fy 3254.60 Ib
Mx  254390.00 Ib-in
Fz 34319.00 Ib
Maximum £ principal stress X 674.03 psi
Y 661.40 psi
Z 276.81 psi

Table 5.5: Spectrum analysis results at 5 in/s PPV criterion

Concrete pole (OCP) structural response under 5 in/s PPV criterion

Maximum displacement

Fix-end reaction

Maximum £' principal stress

X
Y
Fx
My
Fy
Mx

X
Y

0.33in
0.36in
3959.50 Ib
307690.00 Ib-in
4071.50 Ib
318070.00 Ib-in

842.69 psi
826.85 psi




CHPATER 6: TIME HISTORY ANALYSIS OF TRANSMISSION POLES

6.1 Introduction

To study transmission structure responses under strong ground vibratamidy
analysis can be performed using the finite element (FE) methmttr8m and time
history analyses are two typical approaches to obtain strubtinalviors under dynamic
loads. Spectrum analysis, discussed in Chapter 5, is usually includgdamic design
of a system. Time history analysis, or transient dynamic sisalg technique used to
obtain time-varying displacements, stresses, forces etc.sblieture excited by time-
dependent loads is an uncommon design practice due to its time consomjmgtation.
Most design codes suggest that for an important structure or unoadedg conditions,
time history analysis needs to be conducted to supply necessamyaitibn for a safe
design.

Spectrum analysis of transmission pole structures was perform@Htapter 5. The
objective of this chapter is to provide supplement information for itagtdevelopment
and at the same time, to verify the results from spectrumsasafince from Chapter 5
the concrete pole is more vulnerable during blasting induced groundasibiiat Chapter
6, time history analysis was implemented only to the prestresseztete pole (OCP).
The results from this chapter provide valuable information about the etenpole

structural response time history.
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The simplified pole FE models were first established based onl modlysis results

(Chapter 4). The input excitations are the blast induced ground wibnacord from
field monitoring work (Chapter 3) as well as the artificiathypdified ground motions,
which was realized by amplifying the amplitude of the sigoalsimplicity. Structural
responses of the concrete pole (OCP) under various target spemtaottained.
Through comparing analysis results with the design capacityest poles, a reasonable
blast limit would be proposed, which is summarized in Chapter 7.
6.2 Blast records

An extensive blast monitoring was carried out at coal mines awdkaquarry in
southeastern U.S. (Alabama and Georgia states) (Chapter 3picaltyime history of
ground movement velocity (Figure 6.1, R5 record: PPV=0.375 in/s for aledirection;
PPV=0.21 in/s for the transverse direction) was selected and nahyemtegrated into
acceleration time history, which was taken as the basicaéircitin the finite element
analysis. Its corresponding acceleration time history is showigure 6.2. The modified
ground excitations were obtained by amplifying original sign&igufe 6.1). These
modified ground motion accelerations, if being integrated into velsciti@aximum
amplitudes are the target PPV values, i.e., 2 in/s as in Figure 6.3 or 4 in/s aseén6Hg
6.3. Time history analysis

Strong interaction phenomena between support structures and cablesbeemesd
in transmission grids, which made it difficult to exactly modhe &lectric transmission
line system (Ozono et al. 1988; Ozono et al. 1992). Different FE soggk generated
to study dynamic behaviors of the two poles. The details of FE mgdafl these two

transmission pole structures can be referred to in Chapter 4.if@achgtE models,
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established following the method proposed by Li et al. (2005) were chasen f

performing time history analysis in this chapter.

Implicit time history analysis was performed numericallyngsANSYS (2007). The

transient dynamic equilibrium equation (Equation (6.1)) of the pole wastlgi solved
by the Newmark time integration method. The time stefyitis- 0.001(s) and hence,
there are a total of 6656 steps of iterations involved.
[M]{5} + [CI{x} + [K]{x} = {F} (6.1)
where[M] is mass matrixfC] is damping matrix[K] is structural stiffness matrixi] is
acceleration vector{x] is velocity vector;[x] is displacement vector; angF} is
excitation vector.

Damping[C] is Rayleigh damping in the form of (Tedesco et al. 1999):

[C] = a[M] + B[K] (6.2)
a andf were calculated from:

§ =5+ Bwy) 6.3)
where(, is damping ratio and it was assumed to be 0.02 for the pole strga®B@E
1991); w, is the natural frequency and could be obtained from the field nestaig or

from the FE modal analysis. In this reseaoh,= 38.33 rad/s andw, = 95.88 rad/s

for the concrete pole (OCP). Therefates= 1.0948 andf = 0.0003 were calculated.

The input excitations included original blast records (Figure 6.etisas artificially
modified ground vibration time histories based on the original blaasmmements. This
modification work was simply realized by amplifying the aecafion amplitude with
certain factors. The transverse acceleration time histemées input at the pole base as

horizontal excitation from both in-plane (parallel with the poweed) and out-of-plane
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(perpendicular to the power lines) directions; while the vertical acdeleracord and its

modifications were taken as vertical input excitations.

Three main structural responses were investigated: (1) fitadesment of the pole;
(2) maximum moment at the ground line; and (3) maximum first principakstres

Figure 6.5 shows tip displacements of the concrete pole (OCP) ure@riginal
ground motion record (Figure 6.2), including both horizontal and verticatagions.
Figure 6.6 shows moment time histories when the concrete pole) (@isRexcited with
original ground vibration records (Figure 6.2). Maximum values of bofh i
displacements and ground line moments are identified and listed in Table 6.1.

A modified ground vibration velocity was obtained by amplifying thiginal ground
motion record to ensure its velocity time history satisfied specified P€\2(in/s). After
that, it was differentiated into acceleration time historyu@&@tral responses of the
concrete pole were obtained by inputting modified ground movements asteaiore
excitation. Tip displacements of the pole (OCP) and ground line meraeatshown in
Figures 6.7 and 6.8. Maximum values of these variables are alsoasizeunin Table
6.1.

The concrete pole (OCP) maximum first principal stresses udifferent ground
excitations were obtained by identifying stress statesoaegponding peak structural
responses. Figure 6.9 and Figure 6.10 shows the first principa diaggam. Maximum
values are summarized in Table 6.1.

Compared with spectrum analysis results from Chapter 5, structs@dnses of the
concrete pole (OCP) using time history analysis are slightiyer than those from

Chapter 5. But they are in the same order of magnitudes. Theasas the confidence
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about the results from both analyses. Table 6.2 lists main pararobtained from both

methods.

Computation work was further performed with input excitations designselddban
other different peak particle velocity criteria. Figure 6.11 showslt® of the concrete
pole (OCP) structural responses under modified ground vibrations baseith/sriP®V,
which has a peak displacement of 0.3 in, maximum moment of around 250 andip,
maximum first principal stress of 858.64 psi.

6.4 Summary

Time history dynamic analyses were performed on the prestressncrete pole
(OCP) excited by selected original ground motion records from blast monigrththeir
modified ground vibrations based on different peak particle veloctgrieri The results
from these transient analyses are close to spectrum anassits from Chapter 5. They

provide supplement information useful for the later blast limit establishmettapt€& 7.
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Figure 6.2: Acceleration time history of ground movements used as input exstati
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Figure 6.3: Modified acceleration time histories of ground movements based on 2 in/s
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(a): The first principal stress under
the in-plan ground excitation
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Figure 6.9: The concrete pole (OCP) first principal stress under theadrgound
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[a): The first principal stress under the
in-plan ground excitation

(b): The first principal stress under the
out-of-plan ground excitation
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Figure 6.10: The concrete pole (OCP) maximum first principal stress unederadified
ground excitation based on 2 in/s PPV
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Table 6.1: Maximum values of the concrete pole (OCP) dynamic responses

Original blast induced ground vibration

Modified ground vibration based on 2 in/s
PPV

Maximum tip 0.0211 in
displacement under the

horizontal excitation

Maximum tip 0.0005 in
displacement under the

vertical excitation

Maximum moment under17949.50 Ib-in
the horizontal excitation

Maximum force under 858.90 |b
the vertical excitation (Ib)

Maximum first principal 60.11 Ib/irf
stress under the
horizontal excitation

Maximum first principal 6.58 Ib/irf
stress under the vertical
excitation

Maximum tip 0.2011 in
displacement under the
horizontal excitation

Maximum tip 0.0025 in
displacement under the
vertical excitation

Maximum moment170948.00 Ib-in
under the horizontal
excitation

Maximum force under580.70 |b
the vertical excitation

Maximum first principal 572.42 Ib/if
stress under the

horizontal excitation

Maximum first principal 35.10 Ib/irf
stress under the vertical

excitation

Table 6.2: Maximum values of the pole (OCP) dynamic responses at 2 in/s BPV bla

criterion

Spectrum analysis Time history analysis
Maximum tip 0.14in Maximum tip 0.2011 in
displacement under displacement under

the horizontal the horizontal
excitation excitation

Maximum moment 124990.00 Ib-in
under the horizontal

excitation

Maximum first 331.54 Ib/irf
principal stress

under the horizontal

excitation

Maximum momentl70948.00 Ib-in
under the horizontal

excitation
Maximum first 572.42 Ib/if
principal stress

under the horizontal
excitation




CHAPTER 7: STRUCTURAL INTEGRITY ANALYSIS OF TRANSMISSIOROLES
UNDER BLAST INDUCED GROUND MOVEMENTS
7.1 Design of transmission pole structures
The design of prestressed concrete poles is mainly concerned treitigts and
serviceability under various loading conditions (ASCE/PCI 1997). Foutindis
conditions (ultimate flexural strength, cracking strength, zeroidenstrength and
deflection) are considered in a typical design process. For egaangptking moment can

be calculated from:

frlg . Pl
M., =—+— 7.1
cr Yt + Agyt ( )

where f, is modulus of rupture of concretg, is gross moment inertia of the pole
section,A,is the gross area of the cross section,Rigithe prestress force.

The design of the transmission steel pole structure is alsal lmase@ltimate strength
method (ASCE/SEI 2006). The stresses calculated using factesagh loads should not
exceed capacities of the member for tension, compression, sheangoandicombined
stresses. For instance, the compression stress needs to meet:

P

" +—<F (7.2)

in which:
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t

whereP is axial force A is cross-sectional arehAjs moment of inertia cross sectiav,
is bending moments, is yield stressw is flat width of a sidet is wall thickness) =
1.0, and® = 1.0.

It is not unusual for engineers in the power industry to desagrsimission poles
following the wood pole equivalent method, because it is simple andfeasand
calculations. The specification lays out requirements of ultirmatienent capacity, crack
loading (concrete pole), and maximum deflection based on the pole@ts=rally, pole
design should meet requirements of (Southern Company 1992; Southern Company 2006):
(1) Minimum ultimate moment capacity at certain locations under the design loads;
(2) Maximum horizontal deflection at the pole tip with the 36% dekigd applied at 2
feet from the pole tip;

(3) Not to crack under a load equivalent to 40% of design load applia deé¢t from
the concrete pole tip.

7.2 Structural integrity of transmission poles under blast loads

7.2.1 The concrete pole (OCP)

(1) Concrete cracking

Concrete pole cracking is investigated by comparing the maxinmsinpfincipal
stress with concrete tensile strength or modulus of rupture atdduhs follows (Nawy

2003):
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foe = 0.10f) = 1100.00 psi (7.6)

fer = 7.5V f; = 786.61 psi (7.7)
wheref, is compressive strength of concrete.

Comparison was made between the maximum first principal sesshs &1) from
ANSYS with material allowable stresss(]) for the concrete pole (OCP) (Table 7.1).

From Table 7.1, it is shown that 2 in/s PPV criterion alwayssgiveafe blast design.
If economic reasons are taken into account, peak particle veliogitynay be able to be
relaxed to 3 in/s. Although the maximum first principal result ftome history analysis
at 3 in/s PPV is greater than concrete modulus of rupture, the concrete pole nmragkot ¢
since other factors such as soil structure interaction effeais take place. However,
blast designers should be careful because 3 in/s blast limit majhbe safe for a
concrete pole that is more rigid than the one in this study JO&Pbe conservative, a
blast limit described as the peak particle velocity of explosnduced ground vibration
not exceeding 2 in/s at the pole foundation location is suggested.

In the following, emphasis will be put to verify the validity tfis 2 in/s PPV
criterion.
(2) Ultimate moment capacity

The design specification requires a concrete pole of Class tH8 gtven design load
of 4688 Ibs has minimum ultimate moment capacity of (Southern Company 1992):
a) 70 ft-kips or 840000 Ib-in (10 ft from the tip);
b) 93 ft-kips or 1116000 lb-in (18 ft from the tip);

c) 119 ft-kips or 1428000 Ib-in (26 ft from the tip).
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To compare with the allowable moment [M], Table 7.2 lists maximmoment

values (Mhay from spectrum analysis and time history analysis. Table 7.2atedi that
effects (170948 Ib-in) generated from 2 in/s PPV blast events doxoetd the design
requirement (minimum value of 840000 Ib-in) in the ultimate moment capacity aspect.
(3) Maximum deflection

Absolute deflection can affect the pole serviceability due toigpeansiderations of
power transmission grids, such as the conductor swing-out problesnolitvious from
both spectrum and time history analyses that pole maximum defonsainder blast
induced ground vibration are very small (Table 7.3: less than 0.2 in). Congidee
benefits of insulator mobility, the maximum pole tip deflectiomas a control factor in
transmission pole dynamic responses under blast induced ground vibration.

From the above analyses, the concrete pole ultimate capaciytrslted at material
level by the first principal stress. Transient analysighef 60-ft concrete pole (OCP)
under the modified ground excitation based on 3 in/s PPV yields thenomaxfirst
principal stress (858.64 psi) exceeding the allowable stress (786.6Hes0e, 2 in/s
PPV is designated to be a blast limit. Although it may be cvaBee considering the
simplicity of FE models, such as ignoring soil-structure imtgsa and material
nonlinearity, this 2 in/s PPV criterion is believed to provide sufficient safiergin.

7.2.2 The steel pole (OSP)

Through the above concrete pole analyses, 2 in/s PPV criteriotersnideed to be a
reasonable blast limit for concrete poles. Steel pole strucus@sly have better anti-
seismic performances than concrete poles. The following isquarify that 2 in/s PPV

criterion is also adequate for steel poles based on spectrum analysis results
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(1) Stress analysis

Base on yielding strength requirements, steel pole strengthsaassumed to be

(ASCE/SEI 2006):

F, = F, = 65000.00 psi (7.8)
Since% =2977 2% =22 = 1507

F, = F, = 65000.00 psi (7.9)

F, = 0.58F, = 37700.00 psi (7.10)

where F; is tensile stress permitted], is specified minimum vyield stressy is
compressive stress permitted, d@fds shear stress permitted.

Stress distributions of the steel pole (OSP) from spectrunysasalere shown in
Figures 7.1 and 7.2. Design values of the normal stress andsstess were calculated
using the following equation and compared with the corresponding strengths irvPable
Ocombined = \/09?‘*‘0—5‘*‘022 (7.11)

It is concluded that the steel pole stress state is withgafa range from this
comparing work: for tension/compression stress, the calculatemnomaxfirst principal
stress is 1445.00 psi, which is less than the steel pole tension/csimpresength of
65000.00 psi; maximum shear stress of 106.70 psi is also less tharstsbegth of
37700.00 psi.

(2) Ultimate moment capacity

The design specification requires the steel pole (OSP) istidy (Pole Class: Hat
the given design load (8063 Ibs) has a minimum ultimate momentityapat28 ft-kips
(10 feet from the tip), 164 ft-kips (18 ft from the tip) and 209 ft-k@& ft from the tip).

The maximum moment value from the spectrum analysis is 134830.801p86000.00
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psi (128 ft-kips), which indicates that blast effects do not exdee=dédsign requirement

in the ultimate moment capacity.
(3) Maximum deflection and guy wire stress

The deflection results from spectrum analyses are very,amahlly less than 0.5 in,
hence, the deflection limit is not a problem for the guste@l pole structure. Guy wires
carry tension force during spectrum analysis whereas theyusidgr compression.
Hence, guy wires cannot carry compression forces. The fordessioned wires were
derived and averaged. The average tension forces for guy ling318e2 Ibs, 1156.72
Ibs and 519.04 Ibs for X, Y, Z directions of ground excitations, respggtivhich were
calculated based on the 2 in/s PPV criterion. Based on design inforpgy wires in
the steel pole (OSP) are 2" E.H.S. steel guys and have theatdtistrength of 26900
Ibs. It is obvious that the tension level of guy wires are within the capacity.
7.3 Blast limit design

From the above studies, 2 in/s PPV criterion is determined torbasanable blast
limit. This criterion can be relaxed if the structure issleigid than the prestressed
concrete pole (OCP) in this study. Steel poles usually have Ipetttermances under
ground vibration. But this 2 in/s PPV criterion is determined bytdidhistudies on
allowable material stresses. There are other factors thst maed to be taken into
account, such as soil-structure interaction and material nonlinealsty, for other types
of transmission structures, like self-supported lattice towdis, driterion might be
conservative. But for the guyed tower structures, engineers shouggh d#asts with
cautions when using this 2 in/s blast limit, especially when explescan cause very

strong vertical direction ground motions. There have been observatitwwbbuckling
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of the guyed lattice tower caused by vertical ground vibratiooalse this study is only

limited to transmission pole structures, how transmission tgpegferm under this 2 in/s
blast limit has not been quantified.

To provide a comprehensive blast plan, the blast limit is not thefacigr in blast
design although it is a critical one. Other considerations incflydeck issue, site
geology, airblast are also necessary for a reasonabledelsigin. For these conceptual
blast design aspects, the readers can refer to Conner (2007). @plexa a blast
design is shown in Figure 7.3.

7.4 Summary

Base on structural responses obtained from spectrum analysistéCha and time
history analysis (Chapter 6), 2 in/s PPV blast limit is l@&thed for transmission pole
structures. Performances of both the concrete pole (OCP) andehpadée(OSP) in this
study are within guideline requirements under blast induced groundierzatith 2 in/s
peak particle velocity. Although this criterion may be conservdbivesome less rigid
structures, it is taken as a general requirement to simplify blast desigevé&lop a more
comprehensive blast limit, complement research needs to be confitwabtiter types of

transmission structures and in other geological sites.
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The blast plan calls for:

1) The maximum ground vibration limit of 2 inches per second (PPV),land
an airblast level of 130 decibels.

2) Geological profiling shall be conducted for site characterizattoaill
be used to compare with the site where this research conducied to
estimate the feasibility of applying 2 in/s conclusion. Alsmay be
used to identify fractures/mudseams. Establishment of valid FElsnpde
also needs this information.

3) A pre-blast survey on structures within 1500 ft of the excavatiam |are
will be performed to make note of existing structural conditions (i.e
cracks, deformations, etc.).

4) Each critical blast will be monitored by vibration and air puess
measurement equipments placed close to the foundation of the
structure.

5) To prevent resonance, the blast design should try to avoid crgating
dominant blast frequencies that coincide the pole’s natural frequencies.

6) Any landowner within ¥2 mile radius of the blast will be notifiectioé
date and approximate time of blasts, it they request it. In additi
blasts will be warned with an audible horn immediately priorpers
Mining Safety and Health Administration (MSHA) regulations.

7) A “safe zone” perimeter of 550 feet shall be applied.

8) The use of blasting mats shall be implemented to control flyrooksd
when necessary.

112

9) Post-blast inspection will be conducted to detail any changestfrer
initial pre-blast survey.

=)

10)All relevant blast procedures and monitoring results shall berded
for retention by the facility.

11)All relevant blast procedures and monitoring results shall berded
for retention by the facility.

Figure 7.3: An example of blast plan (modified after Conner 2007)
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Table 7.1: Stress state comparison

Case o1(psi) [o1] (psi) Compare

Spectrum analysis at 2 in/s PPV criterion 331.54 786.64:<[01]
Spectrum analysis at 4 in/s PPV criterion 674.03 786.611<[01]
Spectrum analysis at 5 in/s PPV criterion 842.69 786.641>[01]
Time history analysis at 2 in/s PPV criteriob72.42 786.61 01<[o1]
Time history analysis at 3 in/s PPV criterioB58.64 786.61 01>[01]

Note: The 2 in/s PPV criterion means that the respaspectrum or modified acceleration time histery
developed based on the 2 in/s peak particle vgltaiget. Other PPV criteria follow the same idea.

Table 7.2: Maximum moment comparison

Case Mma (ID-in) [M] (Ib-in) Compare

Spectrum analysis at 2 in/s PPV criterion 124990.00 840000.0Q,<M]
Time history analysis at 2 in/s PPV criterioh70948.00 840000.00 M,<[M]

Table 7.3: Maximum deflection

Case Dmay (in)

Spectrum analysis at 2 in/s PPV criterion 0.14
Time history analysis at 2 in/s PPV criterio.20

Table 7.4: Steel pole stress analysis

Items Strengthf] (psi) Stressr; (psi) Comparison
Tension 65000.00 1445.00 01<[01]
Compression 65000.00 1445.00 01<[o1]
Shear 37700.00 106.70 01<[01]

Combination 65000.00 2277.70 01<[o1]




CHAPTER 8: DEVELOPMENT OF HEALTH MONITORING STRATEGIES OF
TRANSMISSION STRUCTURES

8.1 Introduction

The concept of structural health monitoring is put forth based orddzethat civil
infrastructures go through aging process as we human beings datidfidvased
structural damage detection technique is a promising approach fdomlagehealth
monitoring of electric power transmission lines. Application of s$tmat health
monitoring strategy for electric power transmission lines m@sbeen in practice yet.
Although there is a long history of monitoring application for powandmission, in
which case, focus is placed in voltage, current or power measote. Typical
maintenance practices in the power industry are still to pealbgliconduct inspection
along power grids. Considering the geographically dispersed naftugkectric power
lines, this kind of inspection is expensive and time consuming. In Hapter, two
Nondestructive Testing (NDT) techniques were proposed for assessf transmission
pole direct embedment foundations. A pilot work was performed to exalpaential
design of the health monitoring system for the electric power lines.
8.2 NDT techniques for assessment of direct embedment foundations

Two dynamic impact tests, Modal Testing (MT) and Spectrallysig of Surface

Waves (SASW), were proposed as non-intrusive investigation techrigudsectly-
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embedded poles. MT is an established dynamic structural testimggee and was used

in this case through tailoring of pole boundary conditions based on globahidyna
behaviors of the embedded pole. The surface wave testing techaigseilfrelies on
field measurements of surface wave velocities at various freigseas well as an
inversion process to determine soil stiffness profiles (Onl 20@6). It is proven to be a
cost-effective method to supply reliable foundation capacity fastngssion line design
(Chen et al. 2004).

The research results and basic theoretical principles of two rinintte® techniques,
MT and SASW, were described herein. Feasibility study wasonmeed through
determining dynamic characteristics of a full-scale 3% le®g concrete pole with two
different embedment conditions: loosely backfilled soil and denbalkfilled soil.
Study shows that both methods are able to yield indicative infornfatigrossible issues
during pole erection. It is proposed that these two NDT techniquesecdeveloped into
quality control strategies during transmission line structure stalmbpeictions.

8.2.1 Fundamentals of the two proposed NDT techniques

Modal testing is used for determining the inherent dynamic ctearstics of a
structural system. This technique has successful applicationsausaivil engineering
problems, such as FE model verification (Zivaosi al. 2006) and damage detection
(Teughels and DE Roeck 2004). The basic concept of this method id basthe
understanding that structural dynamic behaviors (natural freqgeantk mode shapes)
are directly related to stiffness properties of a systemenckl, any change in stiffness
matrix due to structural modification, such as boundary condition changaspe

reflected by corresponding changes in dynamic behaviors of skensyin this study, the
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embedded pole mass and stiffness matrices were assembled hesifigite element

method. The direct embedment foundation was simplified as the elasticdary
condition. Through the process of updating the FE model to match oedretaidal
parameters obtained from modal testing, boundary stiffness could béfigda The
boundary stiffness was then used as an indicator of soil and backifdHal properties
around the embedded pole.

Considering the embedded pole structure in Figure 4.10, when damping is ignored,
with assumption of linear elasticity and small deformation, surrognstai and backfill
materials can be simplified into a set of linear translatiand rotational springs (refer to
as “soil springs” hereatfter) (Figure 4.10). The stiffnesgimaf these springs represents
the interaction mechanism between the embedded pole and combindéots eff
annulus backfill-material and surrounding soil along the buried portion of the pole.

Assuming[Kp] is stiffness matrix of the pole structure dikd] is soil spring stiffness
matrix, governing equations to free vibration of the suspended polenarehtbedded
pole are expressed as Equations (8.1) and (8.2), respectively. Solutidhgs&o
equations, natural frequencies)(and mode shape§g}), can be derived through modal

testing. [K, ] and [K;] can therefore be back-calculated from these structural dgnami

equations.
[Mp]{jép} + [Kp]{xp} = {0} (8.1)
[M,] () + [K]{x} = {0} (8.2)

where[M, ] is pole structure mass matrii] is stiffness matrix of the embedded pole

system, which is a combination of pole stiffness matflsggb and soil spring matrix

([Ks]).-
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With the design data, FE modeling is an explicit approach to es$tadnhd solve

governing Equations (8.1) and (8.2). Parameters in these FE models, holsxer
inherent input uncertainties. Modal testing can be conducted to deavexact modal
model (frequencies and mode shapes). While these modal modelsratatedwith FE
models, the latter can be updated. When preset minimum discrepahs@sitions to
Equations (8.1) and (8.2) (both and{¢}) between FE models and modal models are
met, the resultant FE models are believed to truly represeral atynamic behaviors of
the system. The spring stiffness matriiy]) back-calculated from these models
therefore provides information of geotechnical conditions of embedment foundations.

The Spectral Analysis of Surface Waves (SASW) technique weadoged as an in-
situ seismic testing method. This method depends on measurementlefRayave
propagation over a wide range of frequencies. The general theoASA Sesting was
introduced in 4.4.2.

When SASW testing is performed at the vicinity of the embeddes] g resultant
shear wave velocity is assumed to approximately indicate thitygqol embedment
foundations. This method was implemented without causing any disturbanttes t
embedded foundation after the pole is installed. It showed both technidaconomic
advantages to contemporary soil property exploration practices.

8.2.2 Case study of a transmission concrete pole

In this study, two NDT techniques developed based on hammer imyeret

performed on a 35 feet long concrete pole. Table 1 lists the scapadads, including

both experimental and numerical works conducted.
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(2) MT method

The impact modal testing was carried out on the 35 feet longrgsesd concrete
pole. Testing was conducted with an accelerometer placefikatigposition on the pole
to record structural responses caused by hammer impactseatmliffarget points (Figure
8.1).

Testing was performed on suspended condition first, and then on thesknadter
it was directly embedded in different soil conditions. In this marthermodal models
of both freely suspended pole structures and embedded poles can Yed.deri
Embedment conditions included two scenarios (loosely backfilled soil densely
backfilled soil), which were realized through soil tamping. Thusgetbets of modal tests
(MT,, MT,, and MT;) were conducted on the same concrete pole (Table 8.1). Dynamic
behaviors (natural frequencies and corresponding mode shapes) dhdathspended
pole and the embedded pole were obtained through post-processing déderygout-
output data. These modal models represented actual dynamic ehstiastof the pole
structure and were then used to further update the FE models.

To derive mass and stiffness matrices of the pole and saigspitE models of both
the directly embedded pole and the suspended pole were establishediraumoe
information is listed in Table 8.2. Young’'s modulus and mass denisttyegole were
estimated as 5466 ksi and 150 fhéft concrete material for the original FE model.

The pole structure was modeled using tampered beam element$/(BRAunder
ANSYS (2007). The embedment foundation was modeled as a series ofeiastc
massless springs (COMBIN14). Based on the assumption of smahlmdgion in a

homogeneous and elastic material, a soil spring model in Figure 4.10 was used.
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Modal analysis was performed on FE models to solve eigen-proldefired by

Equations (8.1) and (8.2). Model updating was then implemented to ydbotihdary
stiffness of the embedded pole through the following procedure: (1)c®herete
property in the original FE model was updated based onrbblults. The FE model after
this verification process was assumed to accurately reprigeobncrete pole itself. (2)
This valid FE model was then modified by adding soil springs andfwieer updated
for convergence to Milfor MT; data. The second updating was achieved by tuning
stiffness of soil springs. Models after step (2) yielded ateunaformation about
boundary conditions of the embedment foundation.
Measurements from modal testing were processed. The identifidéinfaequencies
of the pole vibration are listed in Table 8.3. It should be noted th&tshbending mode
identified from testing on embedded poles is a cantilevered mduieh woes not exist in
the suspended pole case. Corresponding mode shapes identified from ewtidglare
shown in Figures 8.2, 8.3 and 8.4 with numerical results drawn together for comparison.
The iterative updating of the FE model was performed to make FE resnitsrge to
experimental data by minimizing discrepancies in both natuegjuéncies and mode
shapes. The later was achieved by observing the Modal Assuranero@r(MAC)

values, which were obtained from (Ewins 2000):

T
MAC(092) = Gremtetes 83)

whereg, andg,.are the FE and experimental mode shape vectors, respectively.
The final comparison between experimental and numerical resudtsoivn in Table
8.4 and Figures 8.2, 8.3 and 8.4, which indicate that there is no much distsdar

both natural frequencies] and mode shape$y(}) between the two models; thus, the



153
resultant FE models are believed to well-represent dynamicvibehaof both the

suspended pole and the embedded pole.

It is clearly shown from the results that with the increasitiiiness of embedment
foundations, natural frequencies also increased simultaneously. Héwcenatural
frequency can be used as an indicator of foundation stiffness changeerfare,
through quantitative inverse analysis, the final derived soil modglyss 1230 psi) for
MT, and is and 1080Qo$i) for MT3. These values are assumed to reflect the physical
properties of foundation stiffness and are consistent with the ohserttzat tamped soll
has a higheE, value than the loosely backfilled soil.

(2) SASW method

SASW testing was first conducted at the marked site wherpdle was going to be
embedded. After the pole was erected, SASW testing was pedamthe vicinity of the
embedded concrete pole (Figure 8.5). A sledge hammer was used ratgeneitations
on ground surface by vertical impacts. Time histories of ground wbsain the form of
particle velocity were recorded by a linear array of two geophomeich were attached
to ground surface with the spacing equal to the distance betweenditetion source
and the nearest receiver. Signals were collected by a portaibhputer acquisition
system. At each line, tests were conducted by changing sloengpof two receivers and
the source-to-receiver distance. WIinSASW (Joh 1996) was usedonstruct
experimental dispersion curves. By further processing the resulbsigh inverse
modeling, theoretical shear wave velocity profiles were obthiand used for quality
investigation of the tested embedment foundations based on the assuimatishetar

wave velocity is directly correlated to elastic constants (shear mdiltre tested soil.
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SASW testing data from the two receivers were captured.cifss power spectrum

(Figure 8.6 (a)) between two receivers was obtained and is sinofrequency domain.
The phase shiftg) (Figure 8.6 (a)) of signals from the two receivers was etsnputed.
The travel time ) between two receivers was obtained from Equation (3). Thacsurf
wave velocity ¥;) and wavelengthA) were determined by Equations (4) and (5),
respectively. The plot of surface wave velocify) versus wavelengthly is a dispersion
curve. A typical compact dispersion curve is shown in Figure 8.6 (b).

The resultant theoretical shear wave velocities obtained thiougise process were
averaged along pole embedment depth and are shown in Table 8.5. Basethearthe
that the shear wave velocity corresponds well to elastic modéiine test site at small
strains, the test results in Table 8.5 clearly indicate téaped soil is the stiffest with its
largest average shear velocity (SAgWvhen backfilled soils are not tamped, stiffness is
represented by the smallest average shear velocity (SASW
8.2.3 Conclusions

A case study was conducted on a concrete pole with two differabiedment
conditions: tamped backfill soil and soil backfill without tamping. Fr@search results,
it is observed that: (1) Modal testing combined with the FE model ingd&ichnique is
capable of quantifying boundary conditions by identifying stif$nestrix of soil springs
that represent annulus materials around the embedded pole. () ®A&fhg offers an
easy approach to evaluate direct embedment foundation quality thcoogharing the
average shear wave velocity obtained from the testing. The s#pdyted here indicates
a potential of using nondestructive testing methods to solve engmg@eoblems for the

power industry.
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8.3 Pilot exploration of the health monitoring systenfor transmission structures

8.3.1 Components of the transmission line

The overhead power line (Figure 8.7) is usually composed of four individual
components: foundations, support structures, interfaces and conductors. |itee dfai
any component may lead to collapse of entire transmissioitiéscilThis kind of failure
could be sudden, occurring in very short time with instability, ruptureoconplete
separation; or it could be progressive, which means damagdaaiteperiods of time.
Support structures in transmission lines can be divided into two maas:tgtrain and
suspension supports. Strain supports carry conductor tensile forcegraadas rigid
points in the entire transmission line. They are designed not osdyllma vertical forces,
but also conductor tensile forces differing in both sides in ordereweept cascading
structural failures. Strain support structures usually are golacery 3 to 6 miles for long
straight line sections. Structures in turn-over locations or somewhere are extreme
changes, strain supports are also designed and constructed. Asparssus supports,
conductors transfer vertical forces to the supports by swingings@alator connections.
In this case, in theory, no tensile forces are transferred to the suppusédangitudinal
forces are cancelled each other from both directions (Le6on 2007).

Mechanical loads on the transmission line include wind, ice, snowhgeakes,
flooding and human related hazard such as blasting induced ground vibratnoh).i&#i
and snow are main loading considerations for transmission line degigite
earthquakes, flooding and blast effects mainly affect suppadtste safety. The power

current flow can cause the rise of temperature in conductors. Thspdtophenomenon
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appears in coupling between energized conductors and interfaceseeds to be

considered in the health monitoring system.
8.3.2 Sensor selection for the health monitoring system

Typical sensors available that can be used in the health mogiteystem of civil
structures include: acceleration, strain and displacement sertsemsotouples, fiber
optic sensors, etc. Considering the geographically remote natp@nveir lines, means
for data communication is one of the critical factors in theige of a valid health
monitoring system. The remote sensing technology can provide a broaggso\ad
multiple structures. Depending on the measurement distance, satatborne or flyover
based aerial photography imaging (Figure 8.8), LIDAR remetssiag systems, and
infrared spectrometry, etc. are remote sensing techniques teatipglication potentials
for electric power transmission systems.

In the proposed health monitoring system here, wireless sensorselacted for
practical purpose. The placement of the sensors could be descriltieel fadlowing:
Strain sensors need to be mounted at interfaces of criticahestraupports. The
measurement provides information of normal tensile force chanfjesormluctors,
resulting from winds, ice accretion or neighboring structure effétrain sensors may
also need to be placed at both sides of some critical suspensiontsuppdetect an
isolated failure of the structure. It is useful to develop a tecienito integrate
temperature sensors with these strain sensors. The readingth&rse sensors yield not
only axial forces but also over-heating of the conductors, because hot spotshighglly
localized close to the points of conductor attachments. Accelezmsngte proposed to

install on supports (poles, towers) to monitor vibration and tilt of thectsires, which
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can be caused by winds, earthquakes or blast induced ground movemenis.tHel

structure can be an indicator of foundation stability, which may nuareered by
flooding or ground movements. Conductor vibration can be monitored byhiagac
acceleration sensor units to conductors (Ledn 2007).
8.3.3 The architecture of the health monitoring system

The integrated health monitoring system usually include senagents, data
communication agents, data interpretation as well as damage diagalgstrithms,
information fusion and user interface agents (Zhao et al. 2008). Dueidiyw
geographically dispersed characteristics of transmissios, Isensing agents and data
communication agents need to be deployed strategically. It immoarnto divide the large
structure into different subsystems so that measurement am@atatmunication can be
easily realized with current technology. The characterigifcthe power grid offer a
natural way to design this architecture. With various senamts installed at each
critical support structure (Figure 8.9), measurement is madedata can be stored
temporarily at memory chips of sensor units. Considering theatlypractice of placing
strain supports every 3 to 6 miles (Kiessling 2003), it is proposetmtinmter-support
data communication and transmission devices on these strain suppadsdsRizom
each individual support are harvested by these devices. Aftet aggragating, they are
broadcasted to nearest processing units, which can be instaadhasubstation. Data
from processing units can be sent to the processing and collaboretiien, avhich can
be located at control centers in a power transmission compaata Bnalysis,
interpretation and damage diagnosis are executed in the centerschEmeatic drawing

of the system deployment is shown in Figure 8.10.
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After signals are transmitted to a control center, sensgarameters of structural

health need to be extracted. The extracted data, when processed cestain
methodology such as FFT, can sometimes be directly used as dadi@géors. When
these data combine with other theoretical analysis, more soptadtati@mage algorithms
can be developed. In this research, a damage diagnosis algorithnopasepr based on
the fact that changes in structural dynamic properties cangdeassdamage indicators in
a global scale. The main idea is to explore observable ieasain modal parameters
(natural frequencies, mode shapes, etc.) using accelerometersdrataite structure.

The framework of this algorithm is shown in Figure 8.11. Taking adganté the
wind-sensitive characteristic of electric grids, ambient |lazofsbe treated as excitations
to monitored structures. Structural vibration signals are delivierétde control center
following the way described in Figure 8.10. Suitable modal ideatio techniques will
be utilized to analyze measured data. Baseline FE models opdwer line are
established and tuned into target models for possible damaged strbgtthhe=E model
updating technique. Damage assessment can be conducted by compabagelive
model with the target FE model through physical-meaning-bearing paramete

This proposed damage detection method is only a part of damage evaluation
management system, which should also include algorithms for ewngludtiplacement,
temperature (hot spot) and other critical parameters. This marageystem needs to
have a friendly user interface. The structural health statubeaefined as (Leén 2007):
normal, suspicious, imminent, and fault. For suspicious status, investigathy be
required as a double-check; while for imminent damage or faultsstegrtain retrofits

should be implemented to ensure the power transmission safety.
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8.4 Summary

Two NDT techniques are developed in this chapter to exam the qoéldyrect
embedment foundations of transmission pole structures. A case stufigdvéhe
effectiveness of these two methods. An idea of health monitoringgtréor electric
transmission lines is schematically described. This chaptgghesms further work with

the objective of developing a health monitoring system for power transmissian lines
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Figure 8.7: Typical power grids
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Table 8.1: Comprehensive outline of the conducted studies

Subjects Conducted studies
The marked site for embedding the pole SASW
The suspended concrete pole MT

The pole embedded with loose soil backfill pIBASW,
The pole embedded with dense soil backfMT3;; SASW,;

«SASW: The Spectral Analysis of Surface Waves test.
«MT: impact Modal Testing combined with FE modal lgais work.

Table 8.2: Geometry input information

Length (in) Cross section diameter (in)
Buried portion H1=66.00| The butt cross-sectidds;=15.85 Dg,=10.35
Pole about the groundH2=354.00| The tip cross-section =9.55 D[,=4.05

Table 8.3: Identified natural frequencies from the modal testing

Frequencies
Hz) MT: MT, MT; Difference (%)
Mode
1°' mode - 1.90 3.30 73.7
2" mode 13.37 11.39 15.28 34.2
3 mode 36.3331.17 39.36 26.3
4™ mode 69.66 - - -

« The values were natural frequencies of the benatiodes;
MT; has no cantilevered mode™thode) while MT, and MT; 4" modes were not identified.
« Difference = (ME-MT,)/MT»x100.

Table 8.4: Comparison between test results and updated FE analysis

Test Mode Measured frequenclfEM Results Difference MAC
1*' bending 13.37 (Hz) 13.38 (Hz)  0.02% 0.99
MT; 2" bending 36.33 (Hz) 36.22 (Hz) 0.28% 0.96
3“bending 69.66 (Hz) 69.96 (Hz) 0.43% 0.96
1* bending  1.90 (Hz) 1.96 (Hz) 3.02% 0.93
MT, 2" bending 11.39 (Hz) 12.02 (Hz) 5.52% 0.94
3%bending 31.17 (Hz) 31.02 (Hz) 0.49% 0.98
1* bending  3.30(Hz) 3.14 (Hz) 4.85% 0.93
MT; 2" bending 15.28 (Hz) 15.36 (Hz) 0.51% 0.99
3% bending 39.36 (Hz) 39.37 (Hz) 0.02% 1.00
Table 8.5: Average shear wave velocity from SASW testing
Test # Averagel; (fps) Explanation
SASWT1 552 Original soil property at the testing site.
SASWT?2 455 The combined material property after backfilled with

untamped soil: less stiff than the original soil.
The combined material property after backfilled with

SASWT3 560 tamped soil: stiffer than the original soil.




CHAPTER 9: CONCLUSIONS AND RECOMMENDATIONS

9.1 Conclusions
Through field monitoring and numerical analysis, this study addreksedsues of

assessing blast effects on transmission structures. A reasdiagt limit is determined

for power transmission pole structures. To ensure long term stadid safety of

transmission structures, research is extended to some pilot wodeéloping health

monitoring strategies for the electric power transmission.liflks research findings can
be summarized as follows:

(1) Tri-axial wireless sensing units were used to record bidsiced ground movements
at two sites located in southeastern United States with reasosiatitesses. Data
from both wireless sensors and traditional geophones show compaeaplenicy
contents as well as amplitudes for the recorded blast induoeddgmotions: Most
events last around one second and frequencies of peak amplitudesrdydetaieen
10 to 50 Hz.

(2) Site-specific empirical relations were established betwsak particle acceleration
(PPA), peak particle velocity (PPV), and peak patrticle digprent (PPS) based on
analyses of blast monitoring records from two sites in souttt@aktS. Response
spectrum amplification factors were also obtained through bldat atslysis: An

average value of 3.39 amplification factor can be assumed for simplicity.
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(3) Site specific spectra of blast induced ground vibration were dewkelmmed on field

measurement data, which were used as input ground excitations iericalm
analysis. Design spectra were established based on target grourtmnghrahich
were defined by different PPVs.

(4) Modal behaviors of transmission pole structures were systaimhatgtudied. Full-
scale impact modal tests were performed on both prestressedateopotes and
tubular steel poles. Natural frequencies below 100 Hz and correspondicig m
shapes of pole vibration were identified. Results indicated that fumdaime
frequencies are beyond 1 Hz for the studied single pole structures.

(5) Modal sensitive parameters were numerically studied. It is eded| that boundary
conditions need to be considered for pole structures with less rigidenent
foundations. Under the elastic assumption, prestress does not have effiect
eigensolutions of prestressed spun-cast concrete poles.

(6) FE modeling of transmission pole structures was optimized basec®mynamic
behaviors of these poles. Simplified but relatively accuratenBBels that take the
structure-cable coupling issue into account were proposed. Eigensolutionshe
simplified pole FE models are close to modal behaviors of real ftoletures
obtained from field impact modal testing with the maximum naturduency
difference of 8.98%.

(7) Dynamic responses of transmission pole structures under blasedcaround
vibration were obtained both by spectrum analysis and by tin@higanalysis.
These analytical works yielded structural performances df bohcrete and steel

poles under blast induced ground motions. Within linear elastic rargeptitrete
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pole is more vulnerable than the steel pole structure at mdexhl Concrete cracks

at the acceleration time history based on 3 in/s PPV criterion in trapsi@ysis.

(8) 2 in/s PPV blast limit for transmission pole structures established based on site-
specific blast records and analysis work on limited strucyyrest Some other factors
such as flyrock issues, mudseam fracture, and airblast should ailsoluzked in a
comprehensive blast design.

(9) Two NDT technigues (modal testing and SASW testing) were proposexhtn the
quality of direct embedment foundations of transmission pole strucRessilts from
modal testing and SASW testing were successfully used agargdfor stiffness of
direct embedment foundations. The former gives information about embedme
foundation quality through back-calculating stiffness of soil spriagd SASW
method directly yields different average surface wave veleelyes at foundations
with different stiffness.

(10) An idea of vibration-based health monitoring strategy for the eecansmission
structure was schematically described. Structural health infmrmean be obtained
by deploying sufficient sensors on the power line system. Abn@realarios can be
diagnosed with developed algorithms based on collected data.

9.2 Recommendations
The research of blast effects on transmission structures iprdtect power

transmission lines under severe events. Although a blast lingstablished through

extensive field monitoring work and numerical analysis, conclusions@reomplete
due to limited ground vibration records and limited structure tyjpelesl. Therefore, the

following recommendations are proposed for future considerations and studies:
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(1) The wireless technology is a cost effective solution to longhort $erm monitoring,

but its performance and reliability need to be further studied. Mbseld be reduced

at hardware level. Causes of frequency distribution differenteeba wireless

sensors and geophones need further study. Development of a reliabiesswire

technology for the transmission structure health monitoring is aresting research
topic.

(2) Supplementary field monitoring is needed to enhance precision and cmefidé
design response spectra. Improvements can especially be madeevathplification
factor value. Furthermore, results from additional tests at sigh different
geological properties would provide more universally applicable blast limits.

(3) Similar dynamic analyses need to be conducted to other typésarefmission
structures so that a more inclusive guideline can be establishedal Behaviors of
most pole structures as well as steel towers can be studifdrebce of the
fundamental frequencies between this research results and tbasehie ASCE
guideline, which suggests 0.5-1.0 Hz fundamental frequencies for poleustsuct
(ASCE 1991), needs to be re-solved. Special attentions should be paidgtoy¢ioe
tower under strong vertical ground vibration.

(4) Besides study on structural damage of the poles, which is the o@mmdf this
dissertation, foundation stability is the very next concern consgiéni possibility
of foundation failure occurs ahead of structural damage under exineene loading
conditions.

(5) A more comprehensive blast guideline based on the blast limhlisetd in this

research and other considerations suggested by Conner (2007) needs\elbgeed.
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Besides the blast limit proposed in this dissertation, other fastots as flyrock and

airblast also need to be quantitatively studied.

(6) More works are needed in order to develop a practical strudtaedih monitoring
system for power transmission lines. Although the vibration-basedtstal health
monitoring is proven to be a promising approach, studies relatbd tméthod, such
as sensor development and damage detection algorithm design, are nbgslied! P
case study need to be supported in order to verify the feasibilitgroposed

conceptual health monitoring design.
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Figure A18: U2 acceleration record in frequency domain (amplitudé) in/s
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Figure A20: U4 acceleration record in frequency domain (amplitudé) in/s
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Figure A22: R1 velocity record in frequency domain (amplitude: in/s)
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Figure A25: R4 velocity record in frequency domain (amplitude: in/s)
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Figure A26: R5 velocity record in frequency domain (amplitude: in/s)
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Figure A27: R6 velocity record in frequency domain (amplitude: in/s)

100

50

radial velocity

150 200 250 300

Frequency (Hz)
vertical velocity

0.01

005}~ - - -

o
apnudwy

150 200 250 300
Frequency(Hz)
transverse velocity

100

50

300

100

0.01

o
apnudwy

Frequency(Hz)
Figure A28: R7 velocity record in frequency domain (amplitude: in/s)
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Figure A29: R8 velocity record in frequency domain (amplitude: in/s)
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Figure A31: R10 velocity record in frequency domain (amplitude: in/s)
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Figure A32: R11 velocity record in frequency domain (amplitude: in/s)



